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Aussteifungsscheiben sind integrale Bauteile in Mauerwerksgebäuden, werden in der Bemes-
sungspraxis jedoch selten nachgewiesen. Dies liegt an einer in DIN 1053-1 enthaltenen Rege-
lung, die es erlaubt den Aussteifungsnachweis auszulassen. Diese Regelung basiert jedoch auf 
gänzlich anderen Bauweisen als sie aktuell im Stand der Technik sind. Des Weiteren sind die 
Tragfähigkeiten auf Basis aktuellen Bemessungsnormen an den Vorgängernormen und Erfah-
rungswerten kalibriert worden. Daher stellt sich die Frage nach dem tatsächlich vorhandenen 
Zuverlässigkeitsniveau dieser Wandscheiben. 
Diese Arbeit enthält eine systematische Analyse der vorhandenen Zuverlässigkeit von Aus-
steifungsscheiben in üblichen Mauerwerksgebäuden. Dabei werden verschiedene analytische 
Modelle zur Bestimmung der Querkrafttragfähigkeit von Aussteifungsscheiben untersucht 
und deren Modellunsicherheit bestimmt über einen Auswertung von Versuchsdaten. Ziel ist 
die Identifikation des realistischsten Modells.  
Ein vollständiges stochastisches Modell wird anschließend aufgestellt und die vorhandene 
Zuverlässigkeit einer Vielzahl von Wandscheiben bestimmt. Dabei wird zwischen rechneri-
scher und „eigentlicher“ Zuverlässigkeit unter Berücksichtigung des Ausnutzungsgrades der 
Wandscheiben unterschieden. 
Abschließend wird ein volkswirtschaftlich optimaler Wert der Zuverlässigkeit mit der Metho-
de der voll-probabilistischen Optimierung bestimmt, um so einen Vergleichswert für die vor-
handene Zuverlässigkeit zu erhalten. Eine wirtschaftliche Ausnutzung des Mauerwerks bei 








Bracing walls are essential members in typical masonry structures. However, design checks 
are only performed rarely in Germany. The reason for this is a paragraph in the German de-
sign code DIN 1053-1 which allows for neglection of this design check. This paragraph is 
based on different construction methods than they are the current state of the art. Additionally, 
the capacities according to current design codes have been calibrated on basis of previous 
design codes and experience. Consequently, the provided level of reliability remains 
unknown. 
In this thesis, a systematic analysis of the provided level of reliability is conducted. Analytical 
models for the prediction of the shear capacity of the walls are analyzed and assessed with test 
data to identify the most realistic model. A complete stochastic model is set up and the relia-
bility of typical bracing walls is determined. It is differed between the theoretical level of re-
liability and the “actual” level of reliability taking into account the realistic utilization of the 
walls. 
Finally, an optimal target value for the reliability is derived by full-probabilistic optimization 
to be able to assess the previously determined provided reliabilities. An efficient use of ma-
sonry in the design according to DIN 1053-1 can be verified. 
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NOTATION AND ABBREVIATIONS 
ψ combination factor according to DIN EN 1990/NA 
ψ factor to regard the moment distribution over the wall; load combination 
factor according to DIN 1055-100 
λ(p) intensity of Poisson process depending on parameter p 
λI Likelihood estimators 
λv shear slenderness (λv = ψ!hs/lw) 
σX standard deviation of X 
ρX,Y coefficient of correlation of X and Y 
Aw factor that accounts for times of reconstruction 
b constant benefit derived from a structure (monetary) 
B(p) benefit derived from a structure depending on parameter p (monetary) 
C(p) structural cost depending on parameter p (monetary) 
C0 structural cost (constant) 
CoVX coefficient of variation of X, also referred to as VX 
D(p) term affiliated with risk depending on parameter p (monetary) 
e eccentricity, [m] 
f(p) risk indicator, [-] 
f(x,y) function of x and y 
F* regression parameter, [-] 
fb compressive strength of unit, [N/mm²] 
fbt tensile strength of unit, [N/mm²] 
fm compressive strength of masonry, [N/mm²] 
fmo compressive strength of mortar [N/mm²] 
fv shear strength, [N/mm²] 
fv0 cohesion, [N/mm²] 
g(x), G(x) function of x 
H failure consequences (monetary) 
H failure consequences (monetary) 
h height of wall, [m] 
L Likelihood density 
lw length of wall, [m] 
mX mean of X 




t thickness, [m] 
Z(p) target function for parameter p 
! factor accounting for long-term effects (! = 0.85 according to DIN 1053) 
!i sensitivity values 
!u level of utilization 
!w factor that accounts for roughness of terrain 
"R compressive strength of masonry according to DIN 1053-1, [N/mm²] 
"RHS cohesion according to DIN 1053-1, [N/mm²] 
"RZ tensile strength of unit according to DIN 1053-1, [N/mm²] 
# buckling slenderness (# = hk/t) 
 












t l f= ⋅ ⋅  horizontal shear load 
 
Abbreviations and acronyms 
AAC autoclave aerated concrete (here, mostly refers to the unit-
mortar-combination 4 / TLM) 
C concrete 
CB clay brick (here, mostly refers to the unit-mortar-combination 
12 / GPM IIa) 
CS calcium silicate (here, mostly refers to the unit-mortar-
combination 20 / TLM) 
GPM general purpose mortar 
LDC light-density concrete 
LM lightweight mortar 
MCS Monte Carlo-Simulation 
PDF probability distribution function 
RC reinforced concrete 
TLM thin layer mortar 
URM unreinforced masonry 
 1  Introduction 
 
1 
1  INTRODUCTION 
1.1 Motivation and Goal 
Everything is uncertain. Nothing can be predicted with absolute certainty. This basic fact 
leads to the idea of probabilistic and stochastic treatment of problems in every possible 
field of interest. In structural engineering, most problems are solved by deterministic ap-
proaches to avoid difficult and complex stochastic solutions. Simplified methods, trying 
to combine deterministic and stochastic approaches, such as the semi-probabilistic safety 
concept, have been developed and represent the state of the art in structural design. Nev-
ertheless, fully-probabilistic approaches guarantee the most efficient solutions and pro-
vide a thoroughly assessed reliability. The latter is especially important, since every struc-
ture is unique. As the basis for semi-probabilistic approaches, fully-probabilistic analyses 
should be performed. 
Reliability and risk are key issues in a quickly developing world. Considering the sub-
stantial consequences that potentially arise in case of failure of structures, structural relia-
bility gains special importance. Structural failure causes many consequences, not only 
direct consequences such as the cost of rebuilding, but many indirect consequences such 
as contamination of the environment, collapse of infrastructure and – most important – 
fatalities. In general, the socio-economic impact is significant. 
Masonry is the most widely used material for walls in construction of residential and of-
fice buildings, as shown in Table 1.1-1. As one of the oldest and most traditional building 
materials, masonry is thought to be reliable and safe. 
Table 1.1-1 Contributions of the different wall materials to the construction of residential buildings 
in Germany in 2007 (DGfM (2008)) 
Wall material Contribution to the building 
volume in % 
Contribution to the structural 
cost in % 
Masonry 77.9 77.2 
RC and structural steel 11.1 11.2 
Timber 10.2 10.8 
Other 0.8 0.8 
While the experience in the application of masonry is vast, occurrences of structural fail-
ure of masonry structures are seldom reported. This, actually positive, fact leads to two 
major questions: Is the use of masonry efficient? If so, is the lack of reported failures a 
result of the large reliability of masonry or is it based on other reasons? The evaluation of 
the reliability of masonry members has been done empirically in the past. In more recent 
years, the first scientific studies on the reliability of masonry members have been pub-
lished (Schueremans (2001); Glowienka (2007)). However, these studies focussed on the 
reliability of masonry members subjected to flexure. Perhaps more important to structural 
integrity are the masonry walls subjected to in-plane shear as part of the bracing system of 
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the building. For modern unreinforced masonry, reliability of shear walls has not been 
assessed yet. 
One possible reason is the complex load-carrying behaviour of masonry walls subjected 
to in-plane shear. Many models exist in the literature, following different approaches. 
Finite element modelling is difficult and not favourable to reliability analysis due to the 
considerable computational capacity required and the lack of specific material data for 
each masonry type and unit-mortar-combination. Analytical models need to be assessed 
and verified with test data to enable the identification of an appropriate model that can be 
used in a reliability analysis to obtain realistic results. Structural reliability can only be 
assessed when corresponding target values and benchmarks are available, and only a few 
recommendations are available (see JCSS (2001) and EN 1990). Although the target re-
liability has to depend on the consequences in case of failure of the structure; it is surpris-
ing that the individual risk of a structure is usually not taken into account. The safety con-
cept provided by the current design codes is independent of the individual risk. Recently, 
DIN EN 1990 introduced “consequence classes” for different kinds of structures and 
therefore for different severity of failure consequences. This more detailed view on the 
relationship between failure consequences and target reliability has not yet found its way 
into masonry design. Thus, the classification of the individual risk and accounting for it in 
the design is not yet possible. Consequently, the risk (failure consequences times failure 
probability) of typical masonry buildings requires investigation and definition. Another 
indication of the need for probabilistic assessment, especially for masonry structures, is 
the large difference in safety factors that are applied internationally (see Table 1.1-2) as-
suming that the target reliabilities are similar all over the world. In this thesis, a rational 
reliability analysis of unreinforced masonry shear walls will be performed and a reliable 
value of the target reliability will be derived. 
The goal of this thesis is the evaluation of the currently provided level of reliability of 
masonry houses in Germany and the comparison to the current target values provided in 
the design codes. Additionally, a new recommendation for a target value especially for 
typical residential masonry structures is supposed to be derived. 
Table 1.1-2 Comparison of international safety factors in masonry design (Glowienka (2007)) 
Country Masonry Load γMa γGb γQc 
Germany 1.50 1.35 1.50 
Switzerland 2.00 1.30 1.50 
England 2.50 - 3.50 1.20 - 1.40 1.40 - 1.60 
Australia 1.67 - 2.22 1.20 - 1.35 1.50 
USA 1.25 - 2.50 1.20 1.30 - 1.60 
Canada 1.67 1.25 - 1.40 1.50 
asafety factor on the material 
bsafety factor on the dead load 
csafety factor on the live load 
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1.2 Thesis Organization 
To study the reliability of masonry shear walls requires several steps. The required know-
ledge about reliability analysis and safety concepts in structural design are presented, fol-
lowed by an explanation of the load-carrying behaviour of masonry with a focus on the 
determination of the shear capacity. This is necessary since, without an in-depth under-
standing of the load-carrying behaviour, accurate prediction of the load-carrying capacity 
is impossible. 
From the load-carrying behaviour, the relevant material properties can be identified. 
These will be discussed and stochastic models, necessary for the formulation of the relia-
bility problem, will be derived. This is very important; only if the stochastic models are 
realistic can useful results be obtained. Some recommendations for stochastic models can 
be derived from the literature; others are not yet available and have to be generated from 
test data. Subsequently, several models for the prediction of the shear capacity will be 
analysed and evaluated using test data to assess the accuracy of these models. The preced-
ing steps will include the application of Bayesian methods to update available data and to 
obtain more realistic results since the database is incomplete for the different masonry 
products and unit-mortar-combinations of modern masonry. 
Since reliability of a structural member is always a result of the member’s capacity as 
well as of the loads acting on the member, the loads also have to be analysed. The vertical 
loads, divided into dead and live loads, will be discussed and the required stochastic mod-
els will be provided. The relevant horizontal load that causes the occurring shear is the 
wind load since typical masonry structures are built upon stiff reinforced concrete base-
ments. Therefore earth pressure is not taken into account. Additionally, this thesis focuses 
on the reliability of masonry structures in Germany where seismic loads almost never 
govern the design. 
The reliability analysis is executed for a large number of masonry members. These mem-
bers will be designed according to the current design codes for masonry in Germany, 
DIN 1053-1 (1996) and DIN 1053-100 (2007), and the current draft of the National An-
nex to Eurocode 6, DIN EN 1996-1-1/NA (2010), to represent common members in Ger-
many. Thus, the reliability provided by the respective code will be obtained. The mem-
bers differ mainly in unit material and slenderness ratio hw/lw. The parameters will be stu-
died and analysed. As a result, the distributions of reliability for typical masonry members 
are derived. The results for the different codes will be compared and an average value of 
reliability within the practically relevant range of parameters will be defined. The values 
obtained for the reliability are believed to represent the status quo as societally accepted 
reliability and will be seen as the status quo for the reliability of masonry shear walls in 
Germany. 
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Finally, an economically optimal value of the target reliability will be determined by 
probabilistic optimization. In this optimization, the benefit derived from a typical maso-
nry structure, the structural cost and the failure consequences linked to the structure are 
considered. Typical masonry scenarios are modelled and the failure consequences will be 
classified. 
To conclude, the obtained reliability values are assessed and evaluated. A recommenda-
tion for the target reliability of typical masonry structures will be determined aiming at 
sufficiently safe and efficient design of masonry shear walls subjected to in-plane shear.  
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2  BASICS OF RELIABILITY ANALYSIS 
2.1 General 
The following chapter introduces reliability analysis as it is used in the field of structural 
engineering. The relevant terms will be defined and the methods of analysis which are 
used in this thesis will be explained. However, the field is wide; a detailed presentation of 
the current state of knowledge would go beyond the scope of this thesis. So, the basics 
will only be explained briefly. Basic understanding of mathematical, stochastic and prob-
abilistic methods is assumed. For further information the reader is referred to Benja-
min & Cornell (1970), Spaethe (1992), Melchers (1999) and Rackwitz (2004). 
2.2 Introduction 
Every system, be it a structure or software, has certain constraints. These constraints are 
linked to the purpose of the system; in case of structural members, constraints represent 
the design criteria such as load-carrying capacity or thermal-insulating properties. Any 
shortcoming in one of the constraints will lead to poor performance of the system. In case 
of structural elements, this means e. g. that a member which does not provide the required 
load-carrying-capacity will likely fail. Since every parameter is random, a model can nev-
er be certain, and the probability of falling short in one of the constraints has to be deter-
mined. This leads to the concept of reliability analysis. 
The main difference between traditional engineering approaches and methods of reliabili-
ty analysis lies within the stochastic treatment of the design variables. Traditional ap-
proaches treat variables as deterministic values. By considering the variables as random, 
the probability of exceeding a certain limit state can be calculated. The required stochastic 
distributions and methods will be provided and explained in this chapter. The two most 
important limit states in structural engineering are serviceability limit state (SLS) and 
ultimate limit state (ULS). A typical formulation of a limit state is given by  
( ) ( ) 0,...,1 === nXXGXgZ  Eq. 2-1 
The limit state is a function of the basic variables X1 to Xn. These represent any consi-
dered parameter and may be typical parameters as in the deterministic models, such as e. 
g. dimensions or loads, but also parameters like model uncertainties or environmental 
conditions. It should be noted that limit states are commonly defined for a member, which 
is usually a component of a structural system. The reliability of the structural system will 
likely be different from the reliability of the member. If the structural system can be ana-
lysed well, it might be described by a set of limit state functions. 
The limit state functions, however, consist of a number of basic variables, such as com-
pressive strength or dead load. These basic variables have to be described by means of 
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stochastic analysis using stochastic distributions. The corresponding methods will be ex-
plained in the following section. 
2.3 Stochastic Modelling of Random Variables 
2.3.1 Mutual Distributions in Typical Engineering Problems 
In structural engineering, most problems include more than one random variable. A very 
typical example is the measurement of climate data. At the same point in time, different 
data is obtained such as wind speed, air temperature or relative humidity of the air. 
The mutual distribution in general form for the two-dimensional case (two random va-
riables) can be calculated from the following equation. 




X Y X YF x y f u v dudv
−∞ −∞
= ! !  Eq. 2-2 
Of course, the probability density function (PDF) is the derivative of FX,Y. 
Often, the probability density function for an event under certain conditions is required, 
i.e. the PDF for event X under the condition that event Y occurs at the same time. The 
PDF for this case can be calculated from 







f x yf x y f y=  Eq. 2-3 
The corresponding probability distribution is again the integral of the density.  
A special and important case is given when the variables are stochastically independent, 
e.g. compressive strength and cross-sectional area of a masonry member. In this case, the 
conditioned PDF equals the PDF for the single variable. 
( ) ( ), XX Yf x y f x=  and ( ) ( ), YY Xf x y f y=  Eq. 2-4 
The mutual PDF is then 
( ) ( ) ( )
,
,X Y X Yf x y f x f y= ⋅  Eq. 2-5 
In almost all engineering problems, the number of random variables is large and the ran-
dom variables are often linked by mathematical operations. Consider the load-carrying 
capacity of an unreinforced concrete member subjected to centric compression. The ca-
pacity is a product of the compressive strength of the concrete X and the cross-sectional 
area Y. Both are random variables; thus the load-carrying capacity Z is also random. Since 
the load-carrying capacity is the variable of interest, its distribution has to be determined 
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from the distributions of compressive strength and cross-sectional area. In general formu-










= ⋅ # $ %
& '
 Eq. 2-6 
For the complementary case of Z = X/Y, the PDF is 
( ) ( )
,
,Z X Yf z y f zy y dy
∞
−∞
= ⋅ #  Eq. 2-7 










= ⋅ # $ %
& '
 Eq. 2-8 
However, functional operations of random variables normally lead to complex mathemat-
ical problems which often can only be solved by application of numerical methods. 
Monte Carlo simulation (MCS) has proven to be an especially valuable tool (see section 
2.5.3.2). 
2.3.2 Stochastic Moments 
To define a probability distribution, basic information is required such as the type of dis-
tribution and the stochastic parameters. The most common parameters are the so-called 
stochastic moments which can be derived for several orders. The first order and second 
order moments, mean and standard deviation respectively, are important while higher-
order moments are normally not required for the definition of a distribution. The mean 
represents the expected value. In case of a set of test data, the mean mX can be calculated 







= ⋅(  Eq. 2-9 
In case of a continuous distribution, the mean is determined from 
( )X Xm x f x dx
∞
−∞
= ⋅#  Eq. 2-10 
The mean represents the general tendency of a distribution. The scatter, however, is 
represented by the standard deviation, as shown in Figure 2-1. The standard deviation σX 










= ⋅ −(  Eq. 2-11 
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The square of the standard deviation is referred to as variance. Note, that the standard 
deviation is always positive. For continuous distributions, the variance becomes 
( ) ( )22X i X Xx m f x dxσ
∞
−∞
= − ⋅!  Eq. 2-12 
 
Figure 2-1 Schematic representation of mean and standard deviation 
Mean and standard deviation are dimension quantities and have to be seen as a pair to 
compare distributions and rate the scatter. Therefore, the ratio of standard deviation-to-
mean is often used for easier assessment. This ratio is referred to as coefficient of varia-







= =  Eq. 2-13 
In case of distributions that have a functional relation, the moments can be computed de-
pendant on the moments of the contributing distributions. For a multiplicative relation 
between the uncorrelated distributions Z = X!Y, the moments can be derived from the fol-
lowing equations. 
Z X Ym m m= ⋅  Eq. 2-14 
2 2 2 2 2 2 2
Z X Y Y X X Ym mσ σ σ σ σ= ⋅ + ⋅ + ⋅  Eq. 2-15 
2 2 2 2
Y X Y X YCoV CoV CoV CoV CoV= + + ⋅  Eq. 2-16 
For a linear relationship between the distributions with Z = a!X + b!Y, the stochastic mo-
ments for the mutual distribution are 
Z X Ym a m b m= ⋅ + ⋅  Eq. 2-17 
mean 
general tendency represented by the mean 
scatter represented by 
standard deviation 
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( )2 2 2 2 2 2 ,Z X Ya b a b COV X Yσ σ σ= ⋅ + ⋅ + ⋅ ⋅ ⋅  Eq. 2-18 
where COV(X,Y) is the covariance. This covariance is a measure for the dependence of 
the variables X and Y. In the simple two-dimensional case, COV(X,Y) can be calculated 
from 
( ) ( ) ( ) ( )
,
, ,X Y X Y XY X YCOV X Y x m y m f x y dxdy m m m
∞ ∞
−∞ −∞
= − ⋅ − ⋅ = − ⋅! !  Eq. 2-19 
In case of independent variables, COV(X,Y) equals zero. The covariance is often simpli-
fied to a non-dimensional quantity for easier handling. It is then referred to as correlation 










 Eq. 2-20 
where -1 ! ρX,Y ! 1. A coefficient of variation of ρX,Y = 1 describes a full, uni-directional 
correlation while ρX,Y = -1 is a full correlation in the other direction. 
2.4 Parameter Estimation 
2.4.1 General 
In the previous section, stochastic distributions and operations as well as stochastic mo-
ments were explained. However, the required stochastic parameters normally remain un-
known and have to be estimated from test data. Since the estimates depend on the sample 
significantly, the obtained moments can only be considered estimates and are actually 
random. To obtain the true stochastic moments to describe the actual distribution of all 
values, an infinitely large sample size would be required. However, to derive estimates of 
the stochastic moments, a variety of mathematical methods is available which will be 
explained in the following sections. 
2.4.2 Method of Moments 
This method represents the easiest and most commonly used method for estimating the 
stochastic moments because the estimates x  for mean and s for standard deviation are 








= ⋅"  Eq. 2-21 














 Eq. 2-22 
Due to the dependence of the estimates on the sample size n, the question of accuracy 
arises. Consequently, so-called confidence intervals have been derived that give the prob-
ability that the real stochastic moments are within a given range. Assuming normal distri-
bution, for the mean the confidence interval is 
/ 2 / 2 1X XX
k kP x m x
n n
α ασ σ α
⋅ ⋅" #
− < < + = −$ %
& '
 Eq. 2-23 
( )1/ 2 1 / 2kα α−= Φ −  Eq. 2-24 
where 1-! is the probability that the statement is true. In structural engineering, ! is com-
monly chosen as ! = 0.05 (see DIN EN 1990). However, application of Eq. 2-23 requires 
the standard deviation σX. In cases of unknown standard deviation, the confidence interval 
becomes: 
/ 2; 1 / 2; 1 1n nX
s t s t
P x m x
n n
α α α− −
⋅ ⋅" #
− < < + = −$ %
& '
 Eq. 2-25 
where t!/2;n-1 is the corresponding value of the t-distribution with n-1 degrees of freedom. 
Normally, it is not clear whether the standard deviation is known or unknown. By assess-
ing Eq. 2-23 and Eq. 2-25, Benjamin & Cornell (1970) found that the differences between 
σX and s become negligible for n ! 25. For further information and tables, see Kühlmey-
er (2001). 
2.4.3 Maximum Likelihood 
A popular method of estimating the stochastic parameters is the so-called Maximum Li-
kelihood principle. This method allows for direct estimation of the stochastic parameters 
for any differentiable distribution. The idea behind it is to calibrate the parameters in such 
a way that the sample provides maximum probability of occurrence (Likelihood) of the 
desired parameters; hence the name of the method. The mutual density of a sample with n 
independent random variables can be determined from the following equation. 
( ) ( )1 1 1,..., ... ,...,i n iL x xδ λ λ δ λ λ= ⋅ ⋅  Eq. 2-26 
where λi are unknown parameters of the density δ. To achieve the target, the maximum 
(or minimum, respectively) of this function, referred to as the Likelihood function, has to 
be determined. For matters of simplicity, this is often carried out by use of the logarithm 
of the Likelihood function. By partial differentiation and setting the equation equal to 
zero, a system of equations can be derived which allows for the determination of the un-
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known parameters λi (“Maximum Likelihood estimators”) which can then be used to cal-
culate the stochastic moments of the mutual distributions. For more information, see e.g. 
Papula (2001). 
This method appears to be more difficult than the method of moments in the previous 
section. However, there is a significant advantage: The variance of the parameters can be 
calculated directly depending on the sample size. This is especially important in case of 
small sample sizes which are often the case in structural engineering. To determine the 
variance, the inverse of the Fisher matrix D has to be determined to yield the so-called 

















− −# $∂ ∂∂# $
= # $∂ ∂# $
− −
# $∂ ∂ ∂% &
 Eq. 2-27 
( ) 1C Dλ λ −=  Eq. 2-28 
Evaluation of the matrix yields the desired variances and covariances. A very important 
case is that of normally distributed random variables. For this case, the Likelihood func-













= ⋅ − ⋅ −) *) *
⋅⋅+ , + ,
-  Eq. 2-29 
The corresponding logarithm is 
( ) ( )22
1









= − ⋅ − ⋅ − ⋅ −
⋅
-  Eq. 2-30 











= − + ⋅ −











= ⋅ − ⋅ +) *∂ + ,-
 Eq. 2-32 














= − ⋅ −








 Eq. 2-34 














= ⋅ ⋅ −# $∂ ∂ % &'
 Eq. 2-35 
2.4.4 Bayes’ Theorem 
As shown above, parameter estimates strongly depend on the sample size. One of the 
most common problems in assessing engineering problems is a lack of data. Thus, me-
thods have to be found to make up for this shortcoming. In many cases, prior information 
is available in the form of data from other sources or expert’s opinions. These can be used 
to practically enlarge the sample size and consequently lead to better estimates for the 
desired stochastic parameters. This method is referred to as “Data Updating” and is based 
on the theorem developed by Thomas Bayes (1702-1761) and published in Bayes (1763). 
The difference to classical statistics is the idea of introducing the stochastic parameters as 
random variables θi instead of treating them as deterministic. The parameters are consi-
dered to be correct with a certain probability. Thus, the estimators are correct with a cer-
tain, conditioned probability P(θ/x). For a very large amount of data, uncertainty in the 
estimation becomes negligible and thus, the parameters Θi would become constant. 
The estimated prior parameters follow a stochastic distribution which can be updated with 
the new data (e.g. further test data), as shown in Figure 2-2. Glowienka (2007) illustrated 
the compressive strength of a masonry unit before and after the update as well as the cor-
responding Likelihood distribution. It can be seen that not only the mean but also the dev-
iation of this posterior density could be improved significantly. It has to be mentioned that 
the prior and posterior distributions are often chosen to be the same type of distribution 
since this allows for the formulation of closed-form solutions (“conjugated priors”). A 
detailed description of the theory can be found in Rüger (1999) or Raiffa & Schlaifer 
(1961). In the following, the method will be presented briefly. 
Consider fX(x|θ) to be the distribution of a random variable dependant on θ and fθ(θ)  is 
the prior PDF of the corresponding vector of parameters, while fθ(θ|x) is the posterior 
PDF of the vector of parameters. Bayes’ theorem leads to the following relationship: 
( ) ( ) ( )( )
( ) ( )
( ) ( )
X X
X X










 Eq. 2-36 
 




Figure 2-2 Method of Data Updating shown by the example of normally distributed mean compres-
sive strength of a masonry unit (Glowienka (2007)) 
The integral in the denominator in Eq. 2-36 is taken over the range of θ. The PDF fX(x), 
which is unknown, refers to the PDF of fX(x|θ) without the influence of the deviation of 
the parameter θ. This PDF can be derived from the Likelihood distribution of the meas-
ured data. For uncorrelated data, the following equation holds. 




X X X n X i
i
f x f x f x f x L xθ θ θ θ θ
=
= ⋅ ⋅ = =∏  Eq. 2-37 
The most common formulation of the posterior PDF (one stage Bayes) is 
( ) ( ) ( )f x k L x fθ θθ θ θ= ⋅ ⋅  Eq. 2-38 
This formulation is possible since the integral in Eq. 2-36 can be treated as a constant 
factor that only converts fθ(θ|x) into a true PDF by setting the area under the PDF equal to 
one. 
A very important aspect of updating is its possibility of continuous application. The up-
date can happen as often as required with the obtained posterior distribution serving as the 
prior distribution for the next updating cycle. 
As mentioned before, larger sample sizes will make the Likelihood distribution and the 
Bayes’ distribution approximate the real distribution of X. However, this leads to the fact 
that with growing sample size updating will become less effective. Updating is the most 
effective when only little prior information is available that is strongly scattered. Thus, it 
should be evaluated beforehand if an update can be effective. 
If the PDF of X is provided, the prior PDF of the parameters is often chosen in such a way 
that the posterior PDF has the same kind of distribution (“conjugated prior distributions”). 
An overview of this special kind of distribution is presented in JCSS (2001).  
For the important case of normally distributed parameters, a closed-form solution is avail-
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distributed random variable X with unknown mean and standard deviation since in this 
case the prior PDF equals the posterior PDF. 
( )
1



















⋅ ⋅# $ # $% & ! "− ⋅' (! " ' (
= ⋅ − ⋅ ⋅ −) * # $# $




where the posterior parameters are 
n n n′′ ′= +  Eq. 2-40 
n m n m
m
n
′ ′⋅ + ⋅
′′ =
′′
 Eq. 2-41 
( ) ( ) ( )v v n n nδ ν δ δ′′ ′ ′ ′′= + + + −  Eq. 2-42 
2 2 2 2 2
2 v s n m s n m n ms
v
ν′ ′ ′ ′ ′′ ′′⋅ + ⋅ + ⋅ + ⋅ − ⋅
′′ =
′′
 Eq. 2-43 
1nν = −
 Eq. 2-44 
where δ(n′) = 0 for n′ = 0 and δ(n′) = 1 for n′ > 0; same for n and n″. 
In many cases, prior information is available in the form of expert’s opinions. This infor-
mation can also be included in the updating process by transformation of this data into 
“equivalent” samples of data. Rackwitz (1982) derived this method from testing proce-




′ =  Eq. 2-45 







′ = −# $# $
' (
!
 Eq. 2-47 
( ) 1lnv h h −′ ≈ − "  Eq. 2-48 
2
1 1 1 1
1 1 1 1
ˆ; ln ; ;
k k k k
i i i i i ih h h h h h m h h mk k k k
= ⋅ = ⋅ = ⋅ = ⋅ ⋅- - - -
!
"
 Eq. 2-49 
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where i im x=  and 
21ih s= . Note that in this case the condition according to Eq. 2-44 
does not hold anymore. 
The PDF of the corresponding random variable X is given by Eq. 2-50. The type of the 
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 Eq. 2-51 
For sufficiently large n, the t-distribution converges to the normal distribution and can 
often be approximated by a normal distribution. However, lognormally distributed ran-
dom variables can also be treated similarly by transformation into the normal space. This 
can be done according to the following equations. 
( ) ( )21ln ln 12u X xm m V= − ⋅ +  Eq. 2-52 
( )2ln 1u xs V= +  Eq. 2-53 
where mx is the mean and Vx is the coefficient of variation for the lognormally distributed 
random variable and mu and su are the normally distributed parameters. Note that the cor-
responding Bayes distribution then changes from a t-distribution to a log t-distribution so 
that the random variable y has to be substituted with ln(y). According to JCSS (2003), this 
distribution can be approximated for n″, v″ > 10 with the parameters according to the fol-
lowing equations. 









 Eq. 2-55 
The mean mx and coefficient of variation Vx of the lognormal distribution can then be de-





= − ⋅# $
' (
 Eq. 2-56 
( )2exp 1x uV s= −  Eq. 2-57 
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2.5 Structural Reliability 
2.5.1 General Idea and History of Reliability Analysis 
Structures have to be safe, reliable and serviceable over their service life. While most 
people have an idea about the terms “safety” and “serviceability”, the term “reliability” 
remains abstract. In contrast to the two former terms, reliability can be clearly quantified 
and calculated. Thus, it is useful for engineering practice since it can be considered a 
property of the respective structure. Safety and serviceability cannot be quantified in 
terms of figures. The only thing the user should be aware of is the fact that no structure 
can ever be totally safe. This is impossible due to the random nature of every property. 
Therefore reliability is required as a measure of the probability that a structure will stay 
safe and serviceable. 
To ensure design of reliable structures different concepts have been developed. The cur-
rently used concepts have several things in common; they are deterministic and define 
safety factors that are applied to so-called characteristic values of resistance and load to 
either increase or reduce a certain property. These safety factors need to be calibrated and 
a possible method is probabilistic analysis. More information on the safety concepts is 
provided in section 2.7. 
Structural reliability is a function of the probability of failure which can be calculated by 
stochastic treatment of engineering design problems. In the following, typical methods for 
the calculation of the probability of failure will be explained. A certain focus will be set 
on the definition of the target reliability, a value that includes economic and cultural as-
pects. This value is important since it can change design from efficient to inefficient and 
is responsible for safe or unsafe structures. In the past, mainly empirical methods have 
been used for the calibration of this value. Figure 2-3 shows the traditional, empirical 
determination (“trial and error”) of optimal design using a wall as an example. 
 
Figure 2-3 Empirical derivation of optimal design 
struct. design wall thickness t1 
struct. design wall thickness t2 < t1 no failure 
no failure 
struct. design wall thickness t3 < t2 failure 
struct. design wall thickness t4 > t2 no failure 
failure after years 
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Mayer (1926) suggested consideration of deviations in design by stochastic methods to 
achieve better design in terms of safety and reliability. The advantages of a stochastic 
approach are obvious; the reliability of new kinds of structures, construction methods or 
materials can be assessed without many years of application history. Due to the fact that 
reliability is a property of a structure that can be calculated, it can be introduced into 
codes and thus foster a consistent design of structures. However, due to the complex ma-
thematical solutions and lack of computational capacity, it took years until this approach 
became a research focus. Freudenthal (1947, 1956) provided especially valuable ideas 
and progress to the theory of structural reliability. 
The safety concepts that are used in current design codes were essentially developed in 
the 1960s and 1970s. However, the development of the safety concepts was hampered by 
the lack of data for the calibration of the safety factors, together with the complex ma-
thematical treatment. Thus, it was attempted to derive simplified solutions. In 1976, the 
CEB (Comité Euro-International du Beton) developed the First Order Reliability Method 
(FORM), see CEB (1976). In the same year, the Joint Committee on Structural Safety 
(JCSS) was founded. Ever since, this committee has supported the evolution of reliability 
methods and stochastic techniques as well as the enlargement of the available database. 
The findings led to the publication of the “Probabilistic Model Code” (JCSS (2003)) 
which provides stochastic models for various basic variables in civil engineering. Howev-
er, a section on masonry is still missing. Additionally, the Second Order Reliability Me-
thod (SORM) was developed which provided engineers with a simplified method for the 
determination of a good estimate of the reliability. Today, FORM and SORM are still 
standard methods of reliability engineers. In the following years, Rackwitz at the TU 
München made especially significant contributions to the progress in reliability analysis 
(a comprehensive summary is provided in Rackwitz (2004)). In 1981, the basics of relia-
bility analysis of structures in Germany were assembled in the second draft of GruSi-
Bau (1981). In 2001, Six (2001) applied the methods of structural reliability to nonlinear 
problems in concrete design. 
Due to the significant improvement in computational capacity, even complex reliability 
problems can be solved by Monte Carlo simulation. This method is mathematically exact 
and simple to use though time-consuming. However, with the development of faster com-
puters, this method has already become very important in practice. 
Reliability analysis is strongly linked to socio-economic problems since reliability of 
structures always represents a compromise of safety and efficiency. Rosenblu-
eth & Mendoza (1971) suggested a probabilistic optimization including benefit, structural 
cost and failure consequences (risk) for the derivation of proper target reliabilities (see 
section 2.6). The modelling of failure consequences is difficult, especially the modelling 
of fatalities in monetary units. For this purpose, an approach was developed by use of the 
Life Quality Index (LQI; see Pandey et al. (2006)). Certainly, probabilistic optimization is 
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complex and thus, most codes have been calibrated on the previous code if this code had 
proven good. Consequently, a proper evaluation of the reliability of most design codes 
has not been carried out. 
Nevertheless, fully-probabilistic methods are more amd more frequently finding their way 
into practice and are already standard techniques in some fields of engineering, such as 
the design of nuclear power plants or in offshore engineering. Probabilistic methods are, 
however, not common in classical structural engineering, although their use has been 
permitted in special cases since the introduction of EN 1990. 
2.5.2 Limit States and Basic Variables 
Before a probability of failure can be calculated, failure has to be defined. This is done by 
definition of the limit state. Several limit states are known in structural engineering: 
! Ultimate limit state (ULS) 
Exceeding of the ultimate limit state refers to failure of the member or structure. 
This will likely lead to serious injury or loss of human life. This limit state there-
fore represents the idea of safety. ULS can be subdivided into various other limit 
states, such as loss of the global equilibrium (tip over), buckling, cross-sectional 
failure, fatigue and loss of function of a structure that is combined with severe 
danger to human life, e.g. imperviousness of gas tanks. 
! Serviceability limit state (SLS) 
In serviceability limit state, failure refers to mostly monetary losses. Structures 
that are not serviceable anymore will lose their value and therefore have a strong 
impact on economy. The largest number of legal suits that are filed related to con-
struction, deal with issues of serviceability. However, danger to life and limb is 
normally not existent. A typical example of SLS failure is intolerable deformation. 
Limit states can refer to the entire structure or to the single member and can be applied to 
every part of the structure, from slabs to foundation. Typically, several limit states apply 
to one structure. Limit states require definition by giving limit values for the respective 
criterion. This may be allowable stresses or crack widths as well as allowable deforma-
tions. These values are commonly provided in codes. Thus, codes define limit states and 
differences occur from code to code. 
Codes do not only provide limit values for certain criteria, they also provide mechanical 
models that make it possible to formulate the limit state mathematically. This is a neces-
sary requirement. The provided models depend on random variables – in reliability analy-
sis referred to as basic variables. Obvious basic variables in structural engineering are 
e.g. compressive strength, dimensions and loads. Besides these, other important basic 
variables, so-called model uncertainties, have to be taken into account. These represent 
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the uncertainty of the prediction models for strength and loads and will be discussed in 
later sections.  
In structural engineering, limit states can be commonly formulated in a general form as 
follows 
( ) 0==−= ZERxg  Eq. 2-58 
where x is the vector of basic variables, R is resistance and E is load effect. 
The limit state is reached for g(x) = 0. For values Z < 0 or Z > 0, it has to be defined 
whether this is “safe” or “unsafe”. Herein, the limit state function will be formulated in 
such a way that values Z > 0 will be “safe” while values Z < 0 will be considered “un-
safe”. The limit state itself will still be considered safe. This assumption aligns with the 
Eurocodes and the ISO codes. 
The formulation of the limit state function according to Eq. 2-58 requires basic variables 
that can clearly be defined as acting on either the side of the resistance or the load effect. 
In some cases this might be difficult; for example all materials with a strong interaction 
between axial load and flexural capacity, such as unreinforced masonry. 
In most cases, resistance and load effect are independent random variables with conti-
nuous densities fR(r) and fE(e). In this case, Z also becomes a random variable with PDF 
FZ. 
( ) ( )! +⋅= ∞
∞−
deezFefF REZ  Eq. 2-59 
The probability of failure Pf can be determined by solution of the following integral. 






deefeFdrdeefrfP ERERf  Eq. 2-60 
Figure 2-4 shows this integral for a two-dimensional case for normally distributed random 
variables R and E.  




Figure 2-4 Limit state function and probability of failure in a two-dimensional case (Glowien-
ka (2007)) 
The corresponding probability of survival Rf is 
ff PR −=1  Eq. 2-61 
The integral in Eq. 2-60 can only be solved in closed form for a few cases. In most cases, 
the solution of the integral requires special methods of analysis, see section 2.5.3. For the 
special case of normally distributed basic variables, Z is also normally distributed and 
thus the moments can be calculated from 
ERZ mmm −=  Eq. 2-62 
22
ERZ σσσ +=  Eq. 2-63 













 Eq. 2-64 
The term in parenthesis has been used by Cornell (1969) for the definition of the reliabili-
ty index !. The advantage of this definition is the independence from the type of distribu-












β =  Eq. 2-66 
load effect E 
resistance R 
safety margin 
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Another advantage is that only a small amount of data about the basic variables is re-
quired to determine !Cornell. The stochastic moments, i.e. the mean mi and standard devia-
tion σi, of the basic variables are sufficient for approximate calculation of the structural 
reliability. However, it must be noted that the distribution type, the missing parameter in 
Eq. 2-65, can have significant influence on the failure probability especially for structural 
engineering problems. Failure probability is very small in structural engineering so that 
the upper and lower “tails” of the distribution become very important. 
The more important shortcoming of this formulation is the influence of the formulation of 
the limit state function, as reported and discussed by Madsen et al. (1986). The reason for 
this stems from the mathematical treatment of the limit state function. Hasofer & Lind 
(1974) proposed a modified formulation, here referred to as !. They suggested that the 
basic variables be transformed into the standard normal space and then defined ! as the 
shortest
 
distance between the failure point and the origin, as shown in Figure 2-5. 
 
Figure 2-5 Transformation of global and transformed basic variables and definition of ! 
As can be seen from Figure 2-5, two new parameters, "R and "E, are introduced with this 
definition. These are referred to as sensitivity factors and can be determined for every 
basic variable. They represent the influence of the basic variable on the structural reliabil-
ity; the larger "i, the larger the influence. Because of the geometrical definition of "i, the 







2 1α  Eq. 2-67 
To determine the coordinates of the design point, the point that gives the largest probabili-
ty of failure, the basic variables have to be retransformed. This gives the quantiles of the 
normal distribution. 
g(r,e) = 0 
e 
r 
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EEEme σβα ⋅⋅+=  Eq. 2-68 
RRRmr σβα ⋅⋅−=  Eq. 2-69 
2.5.3 Methods of Analysis 
2.5.3.1 General 
For the solution of the integral in Eq. 2-60, several methods are possible. These methods 
can generally be divided into two groups: the mathematical exact approaches and the 
simplified approaches. While the exact approaches require considerable computational 
capacity, simplified approaches are more efficient but do not provide “exact” results. 
Glowienka (2007) compared the common techniques as presented in Table 2.5-1. In the 
following sections, the methods will be explained briefly. For detailed information, see 
Melchers (1999) or Rackwitz (2004). 
Table 2.5-1 Classification of Probabilistic Methods (Glowienka (2007)) 
Level Solution PDF LSF Result 
1 semi-probabilistic 
calibration on 




FOSMa only normal linear  
approximation approximate failure 
probability FORM, 
SORM all types 
linear/square 
approximation 
3 exact NI and MCS all types any theoretical exact failure probability 
4 probabilistic 






aFirst Order Second Moment, a method that only works with normally-distributed basic 
variables. 
2.5.3.2 Mathematical Exact Approaches 
The most typical, mathematical exact approaches are the Monte Carlo simulation (MCS) 
and the method of numerical integration (NI). Both obtain the exact failure probability but 
require very powerful computers, especially for cases involving large numbers of va-
riables. 
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Performing a MCS comprises generating random values corresponding to the statistical 
distributions of the basic variables. The failure probability then is determined from the 
number of samples x that do not fulfil the limit state and the total number of samples n. 
n
xPf =  Eq. 2-70 
This simple method is used in many scientific fields. In structural design, the application 
can be difficult due to the fact that the failure probabilities are very small. Typical values 
of Pf are in the range of 10-6 and so a sample size of at least a million is required. There-
fore, and especially if this method is linked to Finite Element simulations with large com-
putation time, the method becomes quite cumbersome. Therefore other methods, based on 
MCS, have been developed that limit the bandwidth of samples, such as Adaptive Impor-
tance Sampling (AIS). These procedures generate random values close to the limit state 
function (LSF) and thus reduce the total number of samples (see Figure 2-6). For further 
information see Melchers (1999). 
 
Figure 2-6 Simplified comparison of Crude Monte Carlo Simulation and Adaptive Importance Sam-
pling 
According to Rackwitz (2004), the coefficient of variation in case of analysis by MCS can 









As can be seen, large numbers of simulations are required (n >> 1/Pf). In case of numeri-
cal integration, the multi-dimensional integral is calculated numerically. The shortcoming 
is again the large required computational capacity. 
x 
y 
       MCS 
       AIS 
LSF 
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2.5.3.3 Simplified Approaches 
As mentioned before, problems of reliability often lead to complicated integrals that can-
not be solved analytically. To avoid time-consuming numerical analysis as described in 
the previous section, simplified methods have been developed (see Table 2.5-1). One ma-
jor advantage, besides the time-efficiency, is the smaller amount of required data.  
FOSM is useful when only the stochastic moments of the basic variables are known. The 
method is handy due to two main simplifications. The first is the assumption of every 
basic variable being Gaussian normal distributed and the second is the transforming of 
non-linear limit state functions to linear. This can be done by applying a first-order Taylor 
series approximation at the design point which has to be determined by iteration. The de-
termination of the failure probability can happen in normal space. The reliability index ! 
is defined as the minimum distance between the design point and the origin. 
The disadvantages of this method are the imprecise results in case of basic variables that 
do not come close to Gaussian distribution, such as live loads, and the increasing error for 
larger probabilities of failure. 
The next level of the simplified approaches is represented by FORM. FORM is similar to 
FOSM but includes information about the kind of distributions. The transformation of the 
limit state function to a Taylor series stays the same as in FOSM. Only the first members 
are included so that the limit state function remains linear. The determination of the relia-
bility index ! leads to an optimization problem since the smallest value for ! has to be 
derived. To solve this problem, the so-called Rackwitz-Fießler algorithm can be applied 
(see Rackwitz and Fießler 1978). In this algorithm, the basic variables that are not nor-
mally distributed are transformed into normally distributed quantities with a best match in 
the region of the design point. For more information, see Melchers (1999) and 
Spaethe (1992). An advantage of this method, besides the more exact results, is that sensi-
tivity values "i are obtained which allow for calculation of the design values of the basic 
variables in normal space and provide information about the influence of the respective 
basic variable on the failure probability Pf. 
The most advanced simplified method is SORM. Within SORM, the limit state function is 
not transformed to a linear LSF but the quadratic members of the Taylor series are used as 
well. This leads to better results and is more time-consuming. The results obtained from 
SORM almost equal the results of the exact methods explained in the previous section. 
However, the differences in the results compared to FORM are only large in the case of 
LSFs with large slope.  
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2.6 Target Reliability and Risk-Based Optimization 
2.6.1 General 
In the previous sections, the idea and the determination of reliability was explained. Now, 
what can we gain from this? What is the concept of reliability analysis implemented in 
design codes? 
These questions again lead to the term of “target reliability”. Some international design 
codes (see EN 1990 and ISO 2394) give a target reliability on which the design equations 
should be calibrated. These values are often derived empirically and are not based on 
scientific methods.  
Other approaches try to give the target reliability dependant on the failure consequences. 
It is obvious that large failure consequences in the sense of fatalities or major impact on 
society (just consider large infrastructure projects) should be designed to a higher degree 
of safety than less “dangerous” structures. 
In the following, the definition of target reliability will be discussed and the method of 
determination by fully-probabilistic analysis will be explained.  
2.6.2 Optimization of the Target Reliability 
Although probabilities of failure in structural engineering are small, failure can always 
happen. Therefore, the question of acceptable risk arises. But what is risk and which risk 
is acceptable? 
Many definitions of the term risk can be found in the literature. Here, “risk” refers to the 
product of failure consequences H and failure probability Pf and will be denoted as D(p). 
( ) fD p P H= ⋅  Eq. 2-72 
Over the centuries, structural design was subject to an empirical optimization process 
(“trial and error”). Structures were designed and were considered oversized if no failure 
occurred. The next structure was then made more efficient; meaning the cross-sections of 
the members decreased, and the cycle continued until eventually failure occurred. Then 
the opposite effect happens and cross-sections become larger again in the following struc-
tures. The procedure is schematically displayed in Figure 2-3. 
This method has significant disadvantages: it requires a lot of time and experience and 
also requires structures that are being built repeatedly. In times of new kinds of struc-
tures – consider nuclear power plants - and building methods, this method is rather inap-
propriate and impractical to derive target reliabilities. 
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Another way of deriving the target reliability is fully-probabilistic economic optimization 
which was first suggested by Rosenblueth & Mendoza (1971). Here, the target reliability 
is regarded as a compromise between benefit, costs and risk related to a structure. There-
fore, it represents an economical optimization problem as formulated in the following 
equation. 
( ) ( ) ( ) ( )pDpCpBpZ −−=  Eq. 2-73 
B(p) is the benefit derived from a structure. Note that the benefit does not necessarily 
have to be constant; it can depend on the vector of the optimization parameters p. For 
example, if the optimization parameter is the wall thickness (for residential and office 
buildings), thinner walls will lead to more area that can be rented and accordingly to larg-
er benefit. C(p) represents the structural cost. The risk D(p) (see Eq. 2-72) should include 
every possible consequence of the structural failure and therefore consists of loss of ma-
terial as well as loss of life. The targeting function may be expanded with other sum-
mands accounting for e.g. costs of maintenance. A typical example for a target function is 
presented in Figure 2-7. One major task in this method is quantification of these abstract 
aspects in monetary units, which will be discussed in chapter 7.  
 
Figure 2-7 Targeting function (Rackwitz (2004)) 
Eq. 2-73 is formulated in a general way and can be modified to better suit structural engi-
neering problems. In most cases, the benefit B(p) is constant. Hence, B(p) becomes the 
constant benefit referred to as b.  
The structural cost C(p) consists of a structural cost independent of p and a part that de-
pends on p since costs for on-site facilities, tools and even labour will not change signifi-
cantly with p. This gives 
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( ) ! ⋅+= ii pcCpC 0  Eq. 2-74 
where ci is the cost for the single structural element. Usually, C0 is large compared to 
Σci!pi. 
A very important aspect in fully-probabilistic optimization is discounting. The decision 
for or against a project has to be made at a certain point in time (t = 0). The optimization 
has to account for the service life ts of a structure and therefore discounting effects are 
important. Hence, every aspect that is related to t = ts has to be discounted. This applies to 
the benefit b and the risk D(p). The structural cost C(p) occurs at t =0. For simplicity, a 
continuous discounting function δ(t) should be used (Rackwitz (2008)). 
( ) tet ⋅−= ϕδ  Eq. 2-75 
with ϕ being the discount rate. 
The discount rate should represent the mean real discount rate over the observation pe-
riod. In the literature, values ranging from 2% to 5% can be found (see Rackwitz (2004)). 
Applying Eq. 2-75 to the benefit b yields  
( ) tebpB ⋅−⋅= ϕ
ϕ
 Eq. 2-76 
The same function can be applied to the risk D(p). According to JCSS (2001), this gives 
( ) teDpD ⋅−⋅= ϕ0  Eq. 2-77 
Note that the discount rates are valid for the observation period t. If annual discount rates 
ϕ’ are supposed to be applied, these have to be converted, Eq. 2-76. 
( ))1ln ϕϕ ′+=  Eq. 2-78 
Of course, every structure has a different setting. Some will be rebuilt directly after fail-
ure, others probably will not. Therefore, the target function has to be modified for differ-
ent scenarios. The modifications mainly affect the risk concerning term. For failure of the 
structure directly after completion, the targeting function becomes: 
( ) ( ) ( ) ( ) ( ) ( ) ( )( ) ( )fZ p B p C p D p B p C p B p H P p= − − = − − + ⋅  Eq. 2-79 
Note that the risk D(p) includes the benefit. The reason for this is that the structure is not 
supposed to be reconstructed and therefore no structural cost applies but the expected 
benefit is part of the loss. In case of systematic reconstruction, the failure cost D0 as in-
troduced in Eq. 2-77, includes structural cost C(p) and cost due to failure consequences H.  
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( ) HpCD +=0  Eq. 2-80 
The cost due to failure consequences H should include all possible failure consequences 
in monetary unit and can be derived from an event tree (for example). Ideally, the failure 
consequences do not only include the direct cost occurring at the point of failure but also 
the impact on larger systems such as society. Note, that the structural cost is equal to the 
structural cost at the time of the original construction. Therefore, design in the first case is 
considered optimal. Of course, a structure that failed will unlikely be reconstructed in the 
same way. However, the increase in structural cost is considered negligible. 
The important case of time-invariant failure during the service life of the structure can be 
modelled according to Eq. 2-81 (JCSS (2001)): 








 Eq. 2-81 
Since failure becomes more probable for a longer observation period, failure probability 
can be linked to a Poisson process. Time-variant actions are often modelled by a Poisson 
process (see e.g. Spaethe (1992)) since this corresponds to increasing probability of oc-
currence with time. Other processes may also be used, as explained by Rackwitz (2004). 
However, a Poisson process is commonly used in structural engineering for the modelling 
of time-dependent events. 
Introducing the intensity λ(p) of the Poisson process – often referred to as failure rate - 
into the targeting function, gives Eq. 2-82 for structures without systematic reconstruction 
and Eq. 2-83 in the complimentary case. 










+−−=  without reconstruction Eq. 2-82 




pHpCpCbpZ ⋅+−−=    with reconstruction Eq. 2-83 
In the case of reconstruction, the discrete reconstruction period has to be considered since 
during this period, the structure can neither produce benefit nor fail. Rackwitz (2004) rec-






=  Eq. 2-84 
with Et being the service life of the structure and ER representing the reconstruction time. 
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2.6.3 Societal Risk Acceptance and Life Quality Index 
Risk acceptance is an intensively discussed matter with strong philosophical issues. With-
in the scope of this thesis, the following will only give a brief introduction into the topic. 
For further information, the reader is referred to Rackwitz (2004). 
In the optimization of the target reliability, a unified standard to account for all aspects is 
required. In the literature, it is common to use a monetary unit as the basis of optimization 
(e.g. Rackwitz (2004)). However, when it comes to failure and loss of human life, a mone-
tary approach is questionable. Is it ethically correct to rate life in such a way? And if so, 
how can this be done? 
Current approaches to risk of human life do not define a monetary value for a human life. 
Instead, there is often reference to a “cost to reduce risk to human life”. The most detailed 
and probably best definition has been derived by Tengs et al. (1995) who define the cost 
to “reduce the probability of premature death by some intervention changing the beha-
viour and/or technology of individuals or organizations”. However, a definition like this 
still has to maintain the limits of society’s ethics and moral principles which are common-
ly established in the constitutions of the respective states.  
One major issue in risk assessment is risk perception. It is a well-known fact that risks are 
perceived differently from the actual importance. Just consider the fact that smoking is a 
known cause of cancer and the authorities even attempt to make people realize this by 
different methods. However, the number of smokers is still increasing. On the other hand, 
terrorist attacks are a major concern among the public, although the probability of dying 
in a terrorist attack is essentially smaller than the probability of dying because of smok-
ing-related cancer. This subjective risk perception is an important issue in risk assessment 
since it may lead to irrational risk controlling measures, something that society cannot 
afford. Only a reasonable judgement of risk in the context of all risks associated with so-
ciety’s financial power will lead to material prosperity which is the basis for a gain in life 
quality. Studies showed (see Tengs et al. (1995)) that only 10% to 20% of the gross do-
mestic product is spent on public health and risk reduction while a large part is wasted. 
This shows the necessity of reasonable public risk management. 
Several concepts for the rating of risk to human life have been developed that mostly link 
the cost associated with a fatality to values of economy, such as the gross national prod-
uct. The most common approach is based on the Life Quality Index (LQI) as suggested by 
Nathwani et al. (1997). The LQI can be seen as a social indicator representing the quality 
of life in a respective country. LQI is a function of the gross domestic product per capita g 
and other parameters like the life expectancy at birth e and the fraction of life devoted to 
earning a living (Pandey et al. (2005) and Pandey et al. (2006)). 
 2  Basics of Reliability Analysis 
 
30 
( )1 wwLQI g e −= ⋅  Eq. 2-85 
In this equation, e is the life expectancy at birth (in years) and w is the percentage of time 
that is spent earning a living. In industrialized countries, w ranges from 15% to over 20%. 
The LQI is an indicator that includes basic human needs and concerns: wealth, life expec-
tancy and free time to enjoy life. These concerns are linked, as it can be seen in Figure 
2-8. The industrial nations are located in the right half of the figure equalling high g and 
large e. The LQI can be interpreted in many ways; an extensive discussion can be found 
in Rackwitz & Streicher (2002). Essentially, one has to understand that many aspects can-
not be part of the LQI since the LQI has been formulated to be able to judge investments 
toward saving lives. Aspects other than the mentioned ones, for example loss of cultural 
heritage, are hard to account for directly and do not contribute to the idea of the LQI. 
 
Figure 2-8 Life expectancy e over gross domestic product g (Rackwitz (2004)) 
From the idea of the LQI, Skjong & Ronold (1998) developed a concept to account for 
cost related to risk to human life and limb. With this concept the “societal life saving 
cost” (SLSC) (sometimes also referred to as “implied costs of averting a fatality” (ICAF)) 
can be computed. The idea behind the derivation of SLSC is to find the cost -∆g per year 






! "∆# $% &
−∆ = ⋅ − +' (% &) *% &+ ,
 Eq. 2-86 
Due to the fact that -∆g is an annual cost and the SLSC has to be invested at the decision 
point in time t = 0, Eq. 2-86 should be multiplied with er = e/2 corresponding to using 
half the life expectancy e to derive the SLSC. It is therefore assumed that the average fa-








( )r rSLSC e g e= ∆ ⋅  Eq. 2-87 
A selection of values for SLSC is presented in the following table. 
Table 2.6-1 Selected social indicators and SLSC according to Rackwitz (2004) 
Country ga eb w SLSC 
Canada 27330.16 78.84 0.13 1.3!106 
USA 34260.22 77.86 0.15 1.6!106 
Germany 25010.15 78.87 0.12 1.1!106 
Czech Rep. 12900.67 73.77 0.17 4.6!105 
aprivate consumption in PPP in US$ 
bquality life expectancy in years 
2.6.4 Classification of Failure Consequences 
Failure consequences are the sum of the monetary equivalent of all the aspects that are 
related to a certain failure scenario. The failure consequences of a scenario can be classi-
fied by relating the structural cost C(p) to the costs in case of failure H. JCSS (2001) sug-
gests the use of the following ratio. 
( ) ( )( )pC
HpCpf +=  Eq. 2-88 
The cost in case of failure H is governed by the cost associated with fatalities. So, H be-
comes 
= ⋅ ⋅H n k SLSC  Eq. 2-89 
with n being the number of people in the building at the time of failure, k being the para-
meter representing the ratio of fatalities-per-person according to Table 2.6-2 and SLSC 
being the “Societal Life Saving Cost” as defined in the previous section. 
Table 2.6-2 Estimates for k according to Rackwitz (2004) 
Type and cause of failure k 
Earthquake  0.01-1.0 
Avalanches, rock fall, explosions, impact etc. 0.01-1.0 
Floods and storms 0.0001-0.01 
Sudden structural failure in places of public entertainment 0.1-0.5 
Fire in buildings 0.0005-0.002 













pf ⋅⋅+=  Eq. 2-90 
for the indicator f(p). JCSS (2001) gives reference values for this criterion summarized in 
Table 2.6-3. 
Table 2.6-3 Reference values for f(p) according to JCSS (2001) 
Range of f(p) Failure consequences Examples of structures 
f(p) ! 2 small agricultural structures, silos, masts 
2 < f(p) ! 5 medium office, residential, industrial 
5 < f(p) ! 10 large highway bridges, theatres, hospitals 
10 < f(p) catastrophic - 
Structures with f(p) > 10 should be subject to detailed cost-benefit analysis. Generally, it 
should be questioned whether the structure should be built at all. In most cases, masonry 
structures are residential or office buildings and therefore should be categorized into the 
medium failure consequences category (!t = 3.2 for 50 years). 
2.6.5 Target Reliability in the Literature 
Target reliabilities for structures are independent of the materials or construction methods 
used. They are provided in some codes (e.g. ISO 2394, EN 1990). Since 2001, DIN 1055-
100 defined the target reliabilities for Germany depending on the limit state and the ob-
servation period but independent from the failure consequences and risk. This is surpris-
ing since the GruSiBau (1981) already defined consequence class to categorize the failure 
consequences and linked these to the reliability index ! for an observation period of 50 
years. 
Table 2.6-4 Target reliabilities according to DIN EN 1990/NA for commonly monitored structures 
Limit state Target reliability 1 yrsa 50 yrsa 
Ultimate 4.7 3.8 
Fatigue - 1.5 - 3.8b 
Serviceability 3.0 1.5 
aobservation period 
bdepending on accessibility, tolerance and maintainability 
In December 2010, DIN 1055-100 was withdrawn and replaced by DIN EN 1990/NA. 
The regulations of DIN EN 1990/NA adopt the approach of GruSiBau (1981) and define 
similar consequence classes. For these consequence classes, the target reliability for dif-
ferent kinds of structures is provided. 
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Table 2.6-5 Consequence classes according to GruSiBau (1981) for observation period of 1 year 
Consequence 




No danger for human life and only 
small economical impact 
!t = 4.2 
Small economical impact and 
only short interference with use 
!t = 2.5 
2 
Danger for human life and signifi-
cant impact on economy 
!t = 4.7 
Significant impact on economy, 
significant interference with use 
!t = 3.0 
3 
Large meaning of the structure to 
society 
!t = 5.2 
Large economical impact, large 
interference with use 
!t = 3.5 
aIf exceeding SLS results in danger for human life, the case should be treated as ULS. 
A different approach is suggested by the JCSS (2001). Not only the risk to human life and 
limb but also the risk of investment is taken into account by linking the target reliability 
to the relative cost of enhancing the structural reliability. The required target reliability 
can then be determined from the following table. 






Minora Averageb Majorc 
large ! = 1.7 (Pf ≈!5!10-2) ! = 2.0 (Pf ≈!3!10-2) ! = 2.6 (Pf ≈ 5!10-3) 
medium ! = 2.6 (Pf ≈ 5!10-3) ! = 3.2 (Pf ≈ 7!10-4)d ! = 3.5 (Pf ≈ 3!10-4) 
small ! = 3.2 (Pf ≈!7!10-4) ! = 3.5 (Pf ≈ 3!10-4) ! = 3.8 (Pf ≈ 10-5) 
ae.g. agricultural buildings 
be.g. office buildings, residential buildings or industrial buildings 
ce.g. bridges, stadiums or high-rise buildings 
d
recommendation for regular cases 
2.7 Safety Concepts in Structural Design 
The reliability aspect has to be implemented into every day practice. In general, there are 
two different options: either applying fully-probabilistic methods or using simplified ap-
proaches. 
Fully-probabilistic approaches are complex as has been shown in the preceding sections. 
They require a large amount of available data and computation capacity and thus are ex-
pensive and time-consuming. Currently, fully-probabilistic analyses are only appropriate 
in cases of out-of-the-ordinary structures. 
Therefore, simplified methods are more common and are a part of every structural code. 
In the past, the so-called global safety factor concept has mainly been used. In this safety 
concept, just one single factor is applied to either increase the load effect or reduce the 
strength. In case of masonry structures, this makes a difference due to the nonlinear inte-
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raction of load effect and resistance. A typical form of a design check according to the 
global safety factor concept is shown in Eq. 2-91.  
REgl =⋅γ  Eq. 2-91 
On the one hand, this concept is easy to apply. On the other hand, the global safety factor 
concept cannot lead to very efficient design since it does not take into account different 
scatter of the basic variables or different load combinations and configurations. Hence, 
the semi-probabilistic safety concept with partial safety factors has been developed. In 
this safety concept, every main basic variable has its own partial safety factor. This makes 
it possible to account for different properties of the separate basic variables but also 
makes design more difficult. Load combinations have to be considered thoroughly. The 
number of load configurations can easily reach double digit numbers. In Graubn-
er & Brehm (2009), the typical number of load configurations was determined for a typi-
cal masonry building. It was shown that although the number of load combinations to be 
investigated is large, only a small number can govern the design. A typical expression for 
a design check following the concept of partial safety factors, as it is used in e.g. the 







γ ≤⋅  Eq. 2-92 
Note that the characteristic values are now included in the equation. Characteristic values 
have to be defined by the codes and are normally a percentile of the distribution of a basic 
variable. For the typical characteristic values of various basic variables in masonry design 
see chapters 3 and 0. For details on the determination of partial safety factors, see Pot-
tharst (1977) and Melchers (1999). 
The currently applied partial safety factors in Germany are mainly based on 
Schobbe (1982) and the first draft of GruSiBau (1981). Risk-based approaches have not 
been used explicitly. The target value of the failure probability for an observation period 
of 1 year was defined as Pf = 10-6 following the recommendations of the available version 
of ISO 2394 at that time. 
2.8 Summary 
In this chapter the idea of reliability analysis is explained. Since this includes stochastic 
modelling of engineering problems, which are commonly modelled deterministically, the 
stochastic background that is required for the study in the following chapters is presented. 
Functional relations between stochastic distribution as well as a number of concepts for 
the proper estimation of stochastic moments are introduced and explained. The concept of 
data updating based on the theorem of Bayes is explained.  
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After the presentation of the stochastic background, the concept of structural reliability is 
introduced with a brief outline of the historical development. Possible determination pro-
cedures for the failure probability are discussed and the term reliability is defined. Subse-
quently, the definition of the target reliability and its determination by fully-probabilistic 
analysis is presented. A possible targeting function is shown and the contributions of the 
benefit derived from a structure, the structural cost and the costs related to failure of the 
structure are analysed. The latter requires the quantification of abstract aspects such as 
loss of human life. In a reliability analysis, the concept of the Life Quality Index is a poss-
ible way of deriving the costs related to fatalities. From this index, equivalent costs, re-
ferred to as “Societal Life saving Costs” (SLSC) can be determined which make it possi-
ble to account for fatalities in a fully-probabilistic optimization. 
 3  Loads on Masonry Shear Walls 
 
36 
 3  Loads on Masonry Shear Walls 
 
37 
3 LOADS ON MASONRY SHEAR WALLS 
3.1 Introduction 
Members in construction have to be designed to carry their respective loads over their 
service life. The term “load” commonly refers to actions that cause stresses in the mem-
ber. Additionally, effects that may influence a member’s capacity, e. g. corrosion, are also 
often referred to as “loads”. Here, the term “loads” refers to acting forces on the member, 
such as self-weight or wind load; effects like corrosion are not part of this thesis. 
As explained in chapter 2, the reliability of a member is derived from a limit state func-
tion taking into account the resistance and loads. Therefore, the modelling of the loads is 
as important as the modelling of the resistance to be able to obtain proper and realistic 
results especially if a probability of failure has to be calculated. 
The field of application of masonry in Germany is mostly residential or office buildings. 
Additionally, Germany is not likely to be subjected to severe seismic events although 
earthquakes can occur. Even so, the wind load still governs the design in most cases. Fur-
thermore, only some regions in the south of Germany experience heavy snowfall. There-
fore, the governing loads on a typical masonry structure are self-weight and live load as 
the main vertical loads and wind load as the main horizontal load. In case of basement 
walls, earth pressure must also be taken into account. However, this thesis deals with 
bracing shear walls in masonry buildings which are not usually subject to earth pressure 
since nowadays basement walls (including bracing walls at this level) are constructed 
using reinforced concrete. Thus, masonry shear walls usually serve their bracing function 
above ground and consequently, wind load is the governing load case. 
In this chapter, prediction models for the relevant load effects will be described and ex-
plained. The necessary stochastic parameters for the determination of the reliability in 
chapter 6 will be derived and provided. 
3.2 Methods for the Stochastic Modelling of Load Actions 
Normally, loads are variable over time and space. Additionally, their occurrence can only 
be predicted by deterministic methods in very few cases and so, stochastic methods have 
to be applied. Loads can be described as a stochastic random variable, a random process 
or a random field. The stochastic assessment of the loads is complex and cannot be effi-
cient for every design case. Thus, simple design models have been derived such as un-
iformly distributed loads that are actually a special case of a time-dependent random func-
tion. 
The modelling of load actions depends on the kind of load. Loads are commonly classi-
fied into three categories: 
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Dead loads are loads that act permanently on a member, i.e. the scatter around the mean 
is small and the variation is low. The term dead load mainly refers to self-weight of the 
structure. 
Live loads are loads that change significantly and often with time. In common construc-
tion the term live load refers mainly to loads related to the occupancy of a structure. 
However other loads such as wind load, snow load and temperature loads are actually live 
loads as well. For clarity, only loads due to the use of a structure will be referred to as live 
loads herein. 
Accidental loads are loads of large quantity but small probability of occurrence over the 
observation period. Additionally, the duration of occurrence is short. Typical accidental 
loads are earthquakes, impact, explosions, avalanches and debris.  
However, in structural modelling, loads lead to structural responses which are actually the 
main interest of the designer. Every load event is a chain of basically four events: the 
cause of the load event, the load action, the load effect and the structural response. For 
illustration, consider snow load on a roof. The load event is freezing of water in clouds, 
the load action is snow fall, the load effect is snow load on the roof and the corresponding 
structural response is the bending moment in the girders and the corresponding deflection. 
This chain is difficult to model due to its three-dimensional variability. In reliability anal-
ysis, stochastic processes are the most common approach. For matters of simplification it 
has proven effective to convert the distributions derived from the stochastic process and 
stochastic fields to distributions of extremes. 
Current load modelling codes define characteristic values of loads that are then used for 
design in combination with safety factors. The characteristic values are quantiles of the 
stochastic distribution of the loads and consequently correspond to a certain probability of 
exceedance. Dead loads are normally only slightly variable and can act favourably or un-
favourably on a structure. Thus, the characteristic value is defined as the mean (50%-
quantile) in most codes. 
In contrast, live loads and especially wind and snow loads are heavily scattered and are 
defined as the 98%-quantile of a distribution of extremes in DIN EN 1990/NA for an ob-
servation period of 1 year. A conversion to other observation periods can occur by apply-
ing the theory of extremes, as explained, for example, in Spaethe (1992). Another possi-
ble way of defining the characteristic value of live loads is definition by probability of 
occurrence, e.g. the design wind load is the wind load that would only be exceeded once 
in 50 years. 
Structural design is carried out for limit states representing scenarios with extreme loads, 
normally maximum and minimum loads have to be considered. These values represent 
extreme values over a relatively long observation period. While instantaneous values can 
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be determined by measurement, extremes normally have to be predicted and the use of 
distributions of extremes has proven effective for this purpose. A popular method was 
developed by Gumbel (1958). The load amplitude is considered stationary and the load 
events are assumed to be independent. Then it is assumed that the instantaneous values 
are distributed with Fx(x). The amplitudes change suddenly from one point in time ti 
(i = 1, 2, 3…, n) to another and follow a stepped pattern with constant impulse duration d. 
The recurrence period of amplitude with a value of r is referred to as TR (see Figure 3-1). 
 
Figure 3-1 Approximation of a load process according to Glowienka (2007) 
The distribution of the independent maximum values Fy(x) over the observation period 
[0, T] with the discrete parameter n = T/d adds up to  
( ) ( ) ( )( )max nY XF x F x F x= =  Eq. 3-1 
( ) ( )( ) ( )1nY X Xf x n F x f x−= ⋅ ⋅  Eq. 3-2 
For the independent minimum values the distribution can be derived in an analogous way. 
( ) ( )( )1 1 nZ XF x F x= − −  Eq. 3-3 
( ) ( )( ) ( )11 nZ X Xf x n F x f x−= ⋅ − ⋅  Eq. 3-4 
Gumbel (1958) showed that the distributions of extremes converge to basically 3 kinds of 
distribution referred to as Gumbel-, Frêchet- and Weibull-distribution (also referred to as 
Type I, Type II and Type III). Frêchet- and Weibull-distributions are different from the 
Gumbel-distribution due to their slope, as can be seen in Figure 3-2. Another main differ-
ence is the upper and lower limits; while Type I distributions are unlimited in both direc-
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tions, Type II distributions provide a lower limit and Type III distribution provide an up-
per limit. 
 
Figure 3-2 Different kinds of distributions of extremes on Gumbel grid (Kasperski (2000)) 
This thesis aims at the determination of the reliability of masonry shear walls in common 
masonry buildings. Thus, the horizontal (wind) load is most important. Considering the 
fact that wind load has an actual physical upper limit, the Weibull-distribution seems the 
most appropriate for the modelling of the wind load although Gumbel-distributions have 
been widely used in the literature since the application is simple and only a few parame-
ters have to be known. However, the Weibull-distribution was suggested by Kasperski 
(2000). 










= − − ⋅% &' (
) *% &+ ,
 Eq. 3-5 
where m is the mean, σ is the standard deviation and τ is the shape parameter. To obtain 
Weibull-distributions, the shape parameter must be τ > 0. Gumbel-distributions are de-
rived from τ = 0 and consequently, Frêchet-distributions fulfil τ < 0. The parameters f1 
and f2 depend on the shape parameter. 
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( ) 22 11 2f fτ= Γ + ⋅ −  Eq. 3-7 
where Γ is the Gamma function. 
A very important aspect about distributions of extremes is their dependence on the obser-
vation period. With increasing observation period, i.e. increasing number of observations 
n, the mean of all three distributions increases significantly. The difference between 
Gumbel, Frêchet and Weibull distributions is with regard to the standard deviation. With 
increasing observation period, the standard deviation of Gumbel distribution stays con-
stant; consequently, the coefficient of variation decreases. In case of Frêchet distribu-
tions, the standard deviation increases; in case of Weibull distributions, the standard devi-
ation decreases which results in a significant reduction of the coefficient of variation of 
Weibull distributions. 
 
Figure 3-3 Weibull distribution for different numbers of observations n 
3.3 Dead Load 
In masonry construction, the dead load primarily consists of the self-weight of the struc-
tural system. Hence, slabs and walls represent the largest contribution. The contribution 
of the dead load to the total load is about 70% for common residential and office struc-
tures. 
Dead loads act almost permanently on a member. They provide constant axial force to the 
masonry members which is favourable to the lateral load-carrying capacity in most cases. 
This makes dead load a very important aspect in design. In DIN EN 1990/NA, the corres-
ponding partial safety factor is γG = 1.0 for favourable action of the dead load. Most other 
codes, e.g. CSA S304.1 (2004), stipulate a partial safety factor of γG < 1.0 in this case. 
Glowienka (2007) showed that the dead load does not affect the failure probability of cen-
trically compressed masonry members significantly due to the small scatter (see Figure 
3-4) and the corresponding small sensitivity value !i. 
x 
y 




Figure 3-4 Sensitivity values !i depending on the ratio of dead-to-live load (Glowienka (2007)) 
For shear walls, a larger sensitivity of the dead load is expected because shear failure oc-
curs more frequently under minimum axial load. Consequently, detailed assessment of the 
dead load is required. 
Dead load is determined from the density of the material and the volume of the member. 
Although density scatters over the member, e. g. due to concentration of reinforcement or 
aggregate in case of RC, this can not be taken into account in this thesis. Therefore, the 
influence of spatial scatter on the resulting dead load will be considered negligible and 
members are assumed to be homogeneous. Thus, the distribution of the dead load over a 
member is assumed to be constant. 
The dimensions of the member will scatter and so will the volume of the members. This is 
influenced by the workmanship (e.g. accuracy of formwork) amongst other things. Due to 
this, the scatter of the self-weight of precast members is normally smaller than the scatter 
of cast-in-place members. Since masonry units are produced in plants and factories, the 
scatter of the unit dimensions is small and will be neglected here.  
As mentioned, the self-weight of the walls can be derived from the density ρ and volume 
Vi of every respective layer of the wall. 
i i ig Vρ= ⋅  Eq. 3-8 
The layers are formed by the masonry units, the mortar joints and other possible mate-
rials, e.g. plaster. In most cases, the densities of the mortar and units are not treated sepa-
rately. Rather, the masonry assembly is treated as a homogenous material. Particularly in 
the case of masonry with thin layer mortar (TLM), the weight of the mortar does not re-
quire separate consideration. The discontinuity because of the mortar layers can be neg-
+
G
G Q  in percent 
Variable Distr. CoV 
R LN 20% 
G N 10% 
Q Gumbel 40% 
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lected. In the case of general purpose mortar (GPM), the layers are thicker and may have 
an effect on the self-weight especially in case of filled head joints. Nevertheless, the den-
sity of the mortar is similar to the density of the masonry units and so the effect even for 
thicker joints is negligible. 
The main influence parameter of the self-weight of the masonry walls is the density of the 
masonry units. According to Graubner & Glowienka (2007), the scatter of the density of 
the units is small. A value of Vunit ≈ 3% is provided. 
The volume of masonry walls is also variable even if quality control is good. 
CIB (1989.a) gives a coefficient of variation for the geometry of about 5%. This seems to 
be conservative; it would equal a deviation in thickness of up to one centimetre in case of 
a typical 20 cm thick wall. Nevertheless, the total scatter of the self-weight of masonry 
walls can be determined from the aforementioned influencing factors. 
22
geometryunitwall VVV +=  Eq. 3-9 
With Vunit = 5% and Vgeometry = 3%, the coefficient of variation of the self-weight of the 
masonry wall Vwall is 6%. 
The largest contribution to the self-weight of a structure is the self-weight of the concrete 
slabs. Graubner & Glowienka (2005b) assessed the corresponding stochastic properties. 
They found that the governing parameters are the concrete density and the thickness. Oth-
er parameters like reinforcement ratio or density of the steel can be neglected in case of 
slabs. The influence of variation in the dimensions on the self-weight of columns and 
beams is stronger. However, this contribution to the dead load of the entire structure is 
small and thus this influence can be neglected. 
Glowienka (2007) analysed the influence of the thickness of the slab and the coefficient 
of variation of the density of the concrete on the scatter of the self-weight of the slab, as 
shown in Figure 3-5. It can be seen that changes in thickness have a significant effect on 
the scatter of the weight of the RC slabs but only up to a point with little influence evident 
for thicker slabs.  The major influence for thick slabs is the coefficient of variation of the 
density. According to Graubner & Glowienka (2005b), the concrete density has a coeffi-
cient of variation of 2.5%. The reinforcement ratio of the slab was found to only affect the 
mean of the self-weight but not the scatter due to the small scatter of the self-weight of 
the reinforcement. However, the reinforcement ratio is important. DIN EN 1990/NA pro-
vides a characteristic value of the specific weight of RC of γconcrete = 25 kN/m³. This cor-
responds to a reinforcement ratio of 3% taking into account a typical value of the specific 
weight of concrete of 23.1 kN/m³). For typical thickness of the concrete slabs in masonry 
buildings of about 16-18 cm, the coefficient of variation was determined to be 4% by 
Graubner & Glowienka (2005b). Glowienka (2007)
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of the finishings and determined a coefficient of variation of the self-weight of the con-
crete slabs of 6%. 
 
Figure 3-5 Coefficient of variation of an RC slab vs. slab thickness for different values of the coeffi-
cient of variation of the density of the concrete (Glowienka (2007)) 
In the end, the coefficient of variation of the self-weight of the walls and slabs is equal 
and represents the coefficient of variation of the dead load of the structure. The stochastic 
model appropriate for the dead load can be found in Table 3.3-1. Dead load is commonly 
assumed to be normally distributed. In some cases, a lognormal distribution can also be 
an appropriate choice.  
Table 3.3-1 Stochastic model of the dead load 
Type of distribution mean (mx/Xk) σ CoV 
N or LN 1.0 0.06 6% 
3.4 Live Load 
The determination of a stochastic model for the live load is complex due to the large vari-
ation in the loads and especially because of the spatial variation. Stochastic fields have to 
be used to derive a useful model for practice. A detailed description would go beyond the 
scope of this thesis, however, the theory of live load modelling will be presented briefly. 
For more detailed information see Rackwitz (1996), Glowienka (2007) or Schmidt (2003). 
Live load in typical masonry buildings comes from the use of the building and is essential 
to the structural integrity of masonry buildings. As explained in section 3.2, live loads are 
variable over time and location. Considering the live load in a building, it becomes clear 
that the live load can be divided into several contributions. Some live load will act more 
thickness of slab [cm] 
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or less permanently, e.g. furnishings, however, since they are removable, they are still 
considered live loads. In addition, there are loads that act only over a short time and lead 
to peaks in the total live load, e.g. groups of people or agglomeration of furniture due to 
renovation. See Figure 3-6 for illustration. The total load that is the basis for design is the 
sum of the different contributions. 
 
Figure 3-6 Typical representation of live load 
The most popular model for the modelling of the live loads can be found in CIB (1989.b). 
It is the basis used in most German and international codes. 
( ) ( ), ,W x y m V U x y= + +  Eq. 3-10 
In this equation, m represents the deterministic mean of the live load which depends on 
the kind of use (residential, office, archive etc.). V is a random variable with mean zero 
that accounts for load variation between two independent areas A1 and A2 on one floor or 
between floors. U(x,y) is a random field accounting for spatial variation of the load.  
The corresponding structural responses (bending moment, axial force, shear) can be cal-
culated by multiplication with the ordinates of the influence area i(x,y). 
( ) ( ) ( ), ,j
A
S A W x y i x y dA= ⋅!
 
Eq. 3-11 
long-term live load 
L(t) 
short-term live load 
S(t) 
total live load 
L(t) + S(t) 
+ 
= 
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In structural design, a determination of the structural response by evaluation of every load 
increment according to Eq. 3-11 is too complex. A preferred solution is the definition of 
an equivalent uniformly distributed load q, i.e. a uniformly distributed load that leads to 
the same load effect. This can be derived from the following equation. 
( ) ( ) ( ), , ,
A A
q i x y dA W x y i x y dA⋅ = ⋅! !  Eq. 3-12 
This yields the following equation for the uniformly distributed load: 






W x y i x y dA
q




 Eq. 3-13 
Rackwitz (1996) determined the stochastic moments of the live load in general form. 
[ ] ( ), qE q E W x y m" #= =$ %  Eq. 3-14 









i x y dA







 Eq. 3-16 
where mq is the mean of the live load, σV is the standard deviation of V, σU is the standard 
deviation of U. The parameter κ depends on the required stress resultants and the struc-
tural system, A0 is the reference area of the load measure and A is the effective area.  
Recommendations for the value of κ can be found in various sources, e.g. see JCSS 
(2003), Melchers (1999) and Hausmann (2007). The recommended type of distribution 
for q is the Γ-distribution according to JCSS (2003). The required stochastic moments 
should be derived from load measures. Estimates can also be found in CIB (1989b) as 
well as in JCSS (2003). 
A similar model can be applied for the short-term live loads. It has to be noted that short-
term live loads are modelled by a stochastic field due to the large scatter. Thus, the con-
tribution σV in Eq. 3-11 can be set to 0. Consequently, the short-term load is especially 
important in case of small values of the influence area A, i.e. for balconies or stairs. This 
aligns with the larger characteristic values of the live load for these members in most de-
sign codes. Currently, there is still a lack of realistic data from load measures. However, 
Rackwitz (1996) stated that mean and standard deviation are almost of equal quantity. 
Hence, an exponential distribution such as the Gamma distribution is recommended.  
The variation in live load over time can be modelled by stochastic processes. Commonly, 
a Poisson-process is applied. Glowienka (2007) gives the following equation for the trans-
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formation of the maximum point-in-time load to a permanent load based on Marten 
(1975). 










 Eq. 3-17 
where λS is the average load fluctuation rate, λt is the occurrence rate of the maximum 
load and Fqt(x) is the distribution of the load. For minimum load, Arteaga (2004) gives 
( ) ( )( ),min 1 expqt S qsF x T F xλ= − ⋅ ⋅  Eq. 3-18 
For further information see Marten (1975) and Rackwitz (1996).  
Now, the two contributions for the point-in-time load (permanent and short-term load) 
have been defined. According to Ferry Borges & Castanheta (1971), the total live load is 
the sum of the contributions. The required parameters can be found in JCSS (2003) and 
are displayed in Table 3.4-1. 
Table 3.4-1 Parameters for the live load model according to JCSS (2003) 
Type of use 
Ref. 
area 



















office 20 0.5 0.30 0.60 5 0.20 0.40 0.3 1-3 
lobby 20 0.2 0.15 0.30 10 0.40 0.60 1.0 1-3 
residential 20 0.3 0.15 0.30 7 0.30 0.40 1.0 1-3 
hotel 20 0.3 0.05 0.10 10 0.20 0.40 0.1 1-3 
hospital 20 0.4 0.30 0.60 5-10 0.20 0.40 1.0 1-3 
laboratory 20 0.7 0.40 0.80 5-10 - - - - 
library 20 1.7 0.50 1.00 >10 - - - - 
classroom 100 0.6 0.15 0.40 >10 0.50 1.40 0.3 1-5 
sales room 100 0.9 0.60 1.60 1-5 0.40 1.10 1.1 1-14 
factories 
light duty 100 1.0 1.00 2.80 5-10 - - - - 
heavy duty 100 3.0 1.50 4.10 5-10 - - - - 
aload fluctuation rate 
baverage load duration 
The application of these values makes it possible to determine the point-in-time load for 
almost all typical masonry buildings. However, for design purposes the design load over 
an observation period is required. Consequently, the point-in-time load has to be con-
verted. This can be done by application of the distributions of extremes (see section 3.2). 
For live loads, a Gumbel-distribution is a common approach. The stochastic parameters 
for the live load have been determined by various authors; a comparison is presented in 
Table 3.4-2. 
Table 3.4-2 Comparison of recommended stochastic parameters reported in the literature 
Type of use CIB (1989)
a
 Rackwitz (1996) Glowienka (2007) 
mq
b
 Vq qkb mqb Vq qkb mqb Vq qkb 
office 2.64 0.19 2.42 1.81 0.20 1.64 2.51 0.37 2.09 
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residential 1.73 0.20 1.57 1.52 0.29 1.32 1.81 0.28 1.59 
classroom 1.63 0.12 1.54 2.65 0.36 2.23 3.61 0.22 3.49 
abased on load measures according to Chalk & Corotis (1980) 
bkN/m² 
As can be seen, the recommendations vary significantly. The coefficients of variation, as 
well as the means, have a wide range of values. An important observation is the inconsis-
tency with the characteristic values provided in the German code DIN 1055-3.  
Table 3.4-3 Characteristic values of the live load according to DIN 1055-3 




It can only be assumed that the characteristic value of the live load as provided in 
DIN 1055-3 does not represent the 98%-quantile (for an observation period of 1 year) as 
stated by Grünberg (2004). However, the characteristic values provided in Table 3.4-2 are 
also not in agreement. Glowienka (2007) found that the models match the code values 
much better if they are considered modes for an observation period of 50 years rather than 
98%-quantiles for 1 year. The reason is logical; a sample over 1 year is not representative 
due to the small load fluctuation rate. From the presented information, a stochastic model 
for the reliability analysis in chapter 6 has to be derived. Considering the fact that the pa-
rameters of CIB (1989b) are based on load measures and are scientifically accepted, a 
coefficient of variation of 20% seems justified. This is consistent with the recommenda-
tions of Sørensen (2002) and Gayton et al. (2004). With this coefficient of variation the 
ratio of mean-to-mode of a Gumbel distribution becomes 1.1. 
Table 3.4-4 Chosen stochastic model for the live load 
Type of distribution m (mx/Xk)a σ CoV 
Gumbel 1.1 0.22 20% 
aThe characteristic value for 1 yr is considered to be the mode for 50 yrs. 
3.5 Wind Load 
Wind is a natural phenomenon and is caused by temperature differences in the atmos-
phere that lead to differences in the air-pressure. In addition, the rotation of the earth also 
contributes to increase the wind pressure. The main parameters affecting the wind load 
are the wind velocity v and the gust intensity which are determined from annual extremes 
and normally classified in design codes. Unlike self-weight and live load, wind load 
strongly depends on the location of a structure. Coast regions are commonly subjected to 
higher wind velocity and more likely to experience massive storms.  
In structural design, the natural phenomenon of wind load refers to the stress/force on a 
member due to wind. Wind loads represent the main horizontal loads on typical masonry 
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buildings and act on every outer wall and every bracing wall. The wind load not only de-
pends on the wind velocity; but many other parameters as well. The main influences are 
the shape of the member or structure, roughness of the surroundings as well as the dy-
namic behaviour of the structure. These influences are also spatially, locally and time-
dependently correlated. The altitude above ground has an especially strong influence. To 
account for this influence, the reference value of the wind load normally refers to the load 
at an altitude of 10 m above ground. 
In Germany, wind velocities are measured at many locations. Typically, prominent places 
like roofs of high-rise structures or large bridges are equipped with wind-monitoring units 
for scientific assessment.In addition, the German Weather Agency (Deutscher Wetter-
dienst) gathers data which are available to the public. However, all these data only 
represent the wind velocity at a certain time at a certain location and must be converted to 
a wind load by appropriate models. Effects of resonance can increase the structural re-
sponse significantly. Therefore, the response strongly depends on the structure. Dynamic 
effects are normally taken into account by a dynamic blast factor which is multiplied with 
the static wind load. Since this thesis deals with common masonry structures in Germany, 
only structures with a height of less than 25 m, and are therefore insensitive to dynamic 
effects, will be considered. Structures with an increase of the wind load of less than 10% 
due to dynamic effects are considered to be insensitive. In these cases, a permanent, static 
load can be calculated to represent the wind load. Although, the wind blast is a local phe-
nomenon it can be considered to act on the entire structure at the same time in the case of 
small structures. For more information see Schuëller (1981). 
The aim of the following section is the derivation of the distribution and stochastic mo-
ments for the wind load. As mentioned before, this thesis deals with structures that are 
insensitive to dynamic effects. In this case, a simplified stochastic model for the wind 
load can be applied. More detailed models can be found in Rackwitz (1996) and 
JCSS (2003).  
The model used herein has been developed by König & Hosser (1982) and is assumed to 
sufficiently represent the wind load in Germany. It also forms the basis of DIN 1055-4. In 
this model, the wind load w is the product of the wind pressure q and a factor cp that ac-
counts for the geometry of the structure. 
qcw p ⋅=  Eq. 3-19 





zvq ⋅⋅= ρ  Eq. 3-20 
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where ρ is density of the air and vz represents the wind velocity at altitude z. The density 
of the air is strongly influenced by the temperature of the air; the lower the temperature, 




zvq ≈  Eq. 3-21 
The wind velocity vz can be split into a slowly deviating part zv and the blast zv′ . 
zzz vvv ′+=  Eq. 3-22 
The contribution zv  depends on the roughness of the terrain which is normally taken into 













The wind velocity Gv  is the velocity at the so-called gradient altitude at which the velo-
city is independent from the roughness of the terrain. The gradient altitude increases with 
increasing roughness. The annual extremes of Gv  are usually modelled by a Gumbel dis-
tribution (see JCSS (2003)). König & Hosser (1982) provide the following values for the 
10 min. average for regular settings in Germany and an observation period of 1 year. 
29.6 /
Gv
m m s=  Eq. 3-24 
12 %
Gv
CoV =  Eq. 3-25 
The contribution of the blast zv′  to the wind velocity can also be calculated on the basis of 
the gradient velocity and the blast factor ξ. The blast factor has to be related to the refer-























ξ! "! " ! "# $= + ⋅# $ # $# $% & % &% &
 Eq. 3-27 
DIN 1055-4 provides values for the parameters !w, " and zG. These values have a large 
range, however, the most common values have been recommended by König & Hosser 
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(1982) and are provided in Table 3.5-1. Please note that these values are only valid if the 
velocity is inserted in kN/m² and the altitudes in m because of the regression parameters. 
Table 3.5-1 Parameters of the wind model according to König & Hosser(1982) 
Terrain !w " zG 
open 0.16 0.56 200 
city 0.28 0.98 400 












! "! "! " ! "# $# $= ⋅ + ⋅# $ # $# $# $% & % &% &% &
      [kN/m²] Eq. 3-28 
According to JCSS (2003), the resulting wind pressure q should also be modelled by 
Gumbel distribution and the coefficient of variation should be double the coefficient of 
variation of the wind velocity. This gives 
2 24%
Gq v
CoV CoV≈ ⋅ =  Eq. 3-29 
The coefficient of variation of the wind load CoVw,1 can then be determined from the vec-
tor sum of CoVq and the coefficient of variation of the aerodynamic parameter cp to ac-
count for the uncertainty in the modelling of cp. According to JCSS (2003), the coefficient 
of variation of cp is estimated to be 10%. Note that the index “1” refers to the observation 
period of 1 year. 
2 2
,1 26%cpw qCoV CoV CoV= + =  Eq. 3-30 
For design purposes, characteristic values have to be defined and determined from the 
database. As mentioned previously, in DIN 1055-4, the characteristic value of the design 
wind load is defined to be the wind load that is only exceeded once in 50 years, however, 
the number of extreme values measured over an observation period of 50 years is limited. 
However, the amount of data for 1 year periods is relatively large. This makes it possible 
to generate extreme values for large observation periods by MCS. 
The first step herein is the determination of the 1 year PDF. Since extreme values are the 
subject, a PDF of extremes should be chosen (see section 3.2). In the literature, Gumbel 
distributions are commonly used (see Grünberg (2004) and JCSS (2003)). The Gumbel 
distribution is not considered to be the best choice due to the missing upper limit. Kas-
perski (2000) recommended the use of a Weibull distribution instead. In the Weibull dis-
tribution, a third parameter τ is required in addition to the moments. This parameter de-
fines the upper limit and is also referred to as the shape parameter (see Figure 3-2). This 
important parameter was determined by use of a test database provided with the software 
ProGumbel (Niemann (2009)). The parameters determined for various locations were with-
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in a range of 0.04-0.4. This is consistent with other values reported in the literature. Kas-
perski (2000) gives a similar range for τ and recommends a value of τ = 0.2 for further 
investigations. This value will be used in the following study.  
The 50 year distribution was derived from MCS. Random values were generated based on 
the 1 year distribution with the coefficient of variation as defined by Eq. 3-30. Subse-
quently, the maximum values of every set of 50 values were determined and collected. 
From there a new set of data of 50 year extremes was obtained. In the last step, a Weibull 
distribution was fit to the new set of data. The number of simulations was large 
(n = 100,000) corresponding to a new set of 2000 50 year extremes. The results of this 
study are presented in Table 3.5-2. 
Table 3.5-2 Stochastic Properties of the Wind Load 
Observation period Distribution type m (vm / vk) σ τ CoV 
1 yr Weibull 0.6375 0.1658 0.200 26% 
50 yrs Weibull 1.0300 0.0759 0.073 7.4% 
Note, that the mean represents the ratio of the mean to the characteristic value of 
DIN 1055-4. This ratio is nearly 1.0 for an observation period of 50 years. This highlights 
the appropriateness of the characteristic values of DIN 1055-4 because the 98%-quantile 
of the 1 year distribution is assumed to almost equal the mean of the 50 year distribution. 
It can also be seen that the standard deviation decreases significantly with larger observa-
tion periods which is expected for Weibull distributions (see Figure 3-3). This is contrary 
to a Gumbel distribution where the standard deviation stays equal and only the mean in-
creases for larger observation periods. 
3.6 Model Uncertainty in the Determination of the Load Effects 
In the previous sections, the models for the determination of the stochastic parameters for 
dead load, live load and wind load were explained. From these models, the coefficient of 
variation of the load itself was derived. For design purposes, the structural response, i.e. 
the load effects, has to be calculated. Further models are required which are also uncertain 
to a some extent due to inevitable simplifications of the structural system. One example of 
a typical simplification in masonry design is the application of a linear-elastic stress-strain 
relationship in the determination of the stress resultants. Masonry still has plastic poten-
tials in the load-carrying capacity and so stress transfer will happen over the structure. 
Thus, the load effect derived from linear-elastic analysis will likely be different from the 
actual one. 
These uncertainties are referred to as model uncertainties and have to be included in a 
reliability analysis. Since model uncertainties of the load model can generally be taken 
into account by increasing the coefficient of variation of the load, the term model uncer-
tainty will be used for the model uncertainties in the determination of the stress resultants. 
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In this thesis, the model uncertainty will be included in the reliability analysis by intro-
ducing it as basic variable. It could also be included by increasing the scatter of the load 
actions. But since model uncertainties for shear as well as for axial forces are required, 
two basic variables will be introduced due to matters of transparency. This corresponds to 
the recommendation according to JCSS (2003). There, also prior values for the stochastic 
parameters of the model uncertainty on the determination of the load effect are provided. 
Table 3.6-1 Recommended stochastic models for the model uncertainty according to JCSS (2003) 
Model type Distr. m CoV 
moments in frames 
LN 1.0 
0.10 
axial forces in frames 0.05 
shear forces in frames 0.10 
moments in plates 0.20 
forces in plates 0.10 
stresses in 2D solids N 0 0.05 
stresses in 3D solids 0 0.05 
According to JCSS (2003), the model uncertainty can either be applied as a summand or 
as a multiplier. Due to the more efficient stochastic modelling, the latter seem more use-
ful. 
The model uncertainty strongly depends on the structural system. Especially masonry 
shear walls are generally reduced to simple models because many aspects, such as the 
coupling moment of the slabs or the contribution of non-load bearing walls, cannot be 
easily quantified. It can only be assumed that the shear force that really acts on the shear 
wall is less than the design load. However, how much less cannot be quantified. Conse-
quently, the mean of the model uncertainty on the shear load will be set to 1.0. Since no 
other data is available, the recommendation of the JCSS (2003) will be used and so the 
coefficient of variation of the model uncertainty on the shear load will be 10%. 
The axial load is commonly determined from multiplying the influence area A0 by the 
acting vertical loads. This model is considered to be almost exact, the only uncertainty 
lies within the determination of the influence area. In the past, the slabs were mostly 
modelled as beams with one-way span in common masonry design. With the spread of FE 
software, the uncertainty in the determination of the axial load decreased. However, the 
recommended coefficient of variation according to JCSS (2003) of 5% for axial loads is 
already small and will not be reduced further. The chosen stochastic model is summarized 
in the following table. 
Table 3.6-2 Chosen stochastic model for model uncertainty on the loads 
Basic variable Distribution m (vm / vk) σ CoV 
Model uncertainty on the shear load LN 1.0 0.10 10% Model uncertainty on the axial load 0.05 5% 




In this chapter, the typical loads that act on masonry shear walls are discussed. These are 
dead load due to the self-weight of the structure, live load due to use of the building and 
wind load. 
The general concept of distributions of extremes is explained. These distributions are es-
sential for the modelling of the live and wind load. The general formulation is presented 
and it is shown that three basic kinds of extreme distribution exist: Gumbel, Frêchet and 
Weibull distribution. These differ in their curvature and their limits. While Gumbel distri-
butions are unlimited in both directions, Frêchet and Gumbel distribution have a lower or 
upper limit, respectively. 
Axial load in general, can act favourably and unfavourably on the load-carrying capacity 
of the wall. Dead load represents the largest contribution of the axial load; the typical 
dead-to-live load ratio in masonry buildings is 70:30. Therefore, the dead load is essential 
to the shear capacity of masonry members. The stochastic model for the dead load is de-
rived from the contributions of walls and slabs. 
Modelling the live load is significantly more complex than modelling the dead load due to 
the variability over time and location. Stochastic fields and processes must be applied. 
From there, the different contributions to the live load, the permanent and short-term load, 
can be determined. For design purposes the point-in-time load is converted to the distribu-
tion of extremes for an observation period of 50 years by using a Gumbel distribution. 
The wind load is a load action that strongly depends on the structure. The wind load 
mainly depends on the wind speed which is a function of many parameters, e.g. altitude 
or geographical location. The model presented by König & Hosser (1982) includes these 
parameters and makes it possible to derive a wind load acting on the structure. For the 
stochastic modelling of the wind load a Weibull distribution is chosen due to its upper 
limit, since wind load is limited by a physical maximum. To derive the 50 year distribu-
tion of extremes, the stochastic shape parameter is determined from a database of wind 
measurements for an observation period of 1 year. Then, an MCS is conducted and the 
distribution of the wind load is obtained. It was shown that the characteristic values of the 
wind load according to DIN 1055-4 are within an acceptable range. 
In the last step, the model uncertainties for axial and shear load are defined following the 
recommendations of JCSS (2003). In the end, the full stochastic model for the loads as 
required for the reliability analysis in chapter 6 are defined. 
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4 LOAD-CARRYING BEHAVIOUR AND MATERIAL PROPER-
TIES OF MASONRY 
4.1 General 
Masonry is a composite material consisting of units, often referred to as “brick”, and mor-
tar. Therefore, the material properties of masonry are a combination of the properties of 
both components. Since masonry is one of the oldest and most traditional construction 
materials, the number of different kinds of units and mortar that have been used in the 
past is quite large. The history of application of masonry reaches back several thousand 
years. While in the beginning natural units (e.g. cut stone) were common, today, mainly 
manufactured units are used due to the efficiency of industrial manufacturing. Contempo-
rary masonry consists of a large variety of different unit materials, formats and mortar 
types which all differ significantly in their properties. For example, large-sized units 
made of calcium silicate and smaller-sized clay bricks for double-leaf walls. Mortars have 
also undergone many changes. Hydraulic lime mortars have been replaced by Portland 
cement mortars which are available today as general purpose mortar (GPM) applied in 
joints of approximately one centimetre thickness, thin layer mortar (TLM), and also as 
lightweight mortar for special applications such as thermal insulation. 
In structural design, masonry is mainly considered homogeneous. Therefore, the proper-
ties of units and mortars are used to derive the properties of masonry. Even if discrete 
micro-modelling of masonry can be useful, it is only scarcely used in practice due to its 
complexity and uncertainty. 
In general, this thesis deals with unreinforced masonry (URM) as it is executed in West-
ern Europe with a special focus on Germany. In this chapter, the load-carrying behaviour 
of masonry will be explained and the corresponding material properties will be discussed. 
Since this thesis deals with the reliability of shear walls, the stochastic models for every 
required material property will also be provided within this chapter. 
4.2 Typology 
Masonry units differ in size and format, perforation and most important, material. Differ-
ent materials exhibit different stress-strain relationships, as shown in Figure 4-1. Thus, 
masonry made of clay brick units with general purpose mortar (GPM) behaves differently 
from masonry made of calcium silicate with thin layer mortar. 




Figure 4-1 Stress-strain relationships of different kinds of masonry units 
In Germany, five materials are currently approved for production of masonry units: clay 
bricks (CB), calcium silicate (CS), autoclave aerated concrete (AAC) as well as standard 
and lightweight concrete (LC). The large variety of units comes from the optimization of 
the units to suit various purposes from building envelope properties to load-carrying ca-
pacity. Therefore, even within Germany, strong regional differences in application and 
typology exist; just consider the extreme climates at the coast compared to the Alpine 
region. 
When it comes to size and formatting, regular and large-sized units have to be differen-
tiated. Large-sized units are those longer than 250 mm and higher than 500 mm. Howev-
er, they also have to keep within maximum limits which are presented in Table 4.2-1. 
Large-sized clay bricks only play a minor role on the German market and are therefore 
not included in the following. 
Table 4.2-1 Maximum dimensions for large-sized units 
Material of unit Maximum height of unit hb [mm] 
Maximum length of unit lb 
[mm] 
CS 623 998 
AAC 624 1499 
LC 623 997 
Large-sized units are getting more and more popular due to the increased efficiency in 
consruction. Until now, they were subject to general technical approvals since they were 
not included in the German design codes. However, DIN EN 1996-1-1/NA which will be 
released in 2011, includes the design of masonry structures using large-sized masonry 
units. 
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In addition, many different kinds of perforation patterns exist. The types of units range 
from full AAC blocks without perforation to CB units with a void area of up to 45% of 
the cross sectional area. The variety of available units is significant with new products 
being developed and approved constantly. 
Not only are there many different kinds of units, the variety of mortars is also considera-
ble. In masonry, mortar is used bind the units together, to account for slight variations in 
unit sizes, and most importantly, to eliminate stress concentrations that would occur if 
masonry units were laid directly on top of each other due to imperfections in their surfac-
es. The units can be combined with different kinds of mortars. Mortars can be classified 
as General Purpose Mortar (GPM; in German codes often only denoted by a Roman num-
eral), Thin Layer Mortar (TLM) and Lightweight Mortar (LM). In Germany, GPM is ad-
ditionally divided into 5 different types depending on the compressive strength (see Table 
4.2-2). While GPM is usually applied with a bed joint thickness of about 1 cm, TLM lay-
ers are within the range of 2-3 mm and therefore require units with a higher degree of 
tolerance on the surface imperfections. TLM provides higher compressive strength to the 
masonry and also provides better cohesion compared to GPM. Large-sized units are most-
ly used in combination with TLM. Lightweight mortar has advantages in terms of thermal 
insulation but limits the masonry compressive strength. All mortar types influence the 
shrinkage and creep of the masonry assemblage. 
Table 4.2-2 Compressive strength of mortar according to DIN EN 998-2 in MN/m² 
Mortar kind GPM LM TLM 
DIN 1053 I II IIa III IIIa LM 21 LM 36 TLM 
DIN EN 1996 M 1 M 2.5 M 5 M 10 M 20 M 5 M 5 M 10 
Compressive strength 
(DIN EN 998-2)a 1 2.5 5 10 20 5 5 10 
ain N/mm² 
An important characteristic, especially for the shear capacity, is the treatment of the head 
joints. The head joints can be filled with mortar, or they can be unfilled with either a 
small gap remaining between the units or with the units laid in contact with each other. In 
Germany, head joints are usually left unfilled because of better construction efficiency, 
with the exception being special applications, e.g. in masonry beams above windows, 
where head joints are required to be filled. In other European countries, such as Switzer-
land, head joints generally have to be filled. 
4.3 Load-Carrying Capacity of Masonry Subjected to Axial Compression 
In this section, the general load-carrying behaviour of masonry subjected to axial stress 
will be explained. It will be necessary to mention some masonry properties. Detailed in-
formation on the masonry properties is provided in section 4.5. 
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Units and mortar in a masonry wall under axial compression are subjected to a triaxial 
state of stress due to the different Poisson’s ratio of the unit and mortar and the bond be-
tween them. This leads to different horizontal strain of the units and the mortar. When 
masonry is subjected to compression, the mortar is compressed in all directions since it is 
confined by the units, while unit is subject to tension in the lateral direction. Failure there-
fore occurs when the tensile strength of the units is exceeded. Figure 4-2 illustrates this 
behaviour. Since the tensile strength of the units is always smaller than their compressive 
strength, the compressive strength of the masonry assemblage is smaller than the unit 
compressive strength. 
As mentioned above, the lateral strain of the mortar is responsible for the tensile stresses 
in the unit. The lateral strain depends on the thickness of the mortar layer. Therefore, al-
though the compressive strength of TLM can be smaller than the compressive strength of 
GPM, the use of TLM enhances the masonry compressive strength significantly. For 
more information refer to Glock (2004) and Kickler (2003). 
 
Figure 4-2 Load-carrying behaviour of masonry subjected to axial stress 
The load carrying capacity of unreinforced masonry members subjected to axial compres-
sion strongly depends on the eccentricity of the axial load. Large eccentricities will lead 
to cracking of the cross section due to the low flexural tensile strength of the masonry. 
This leads to a redistribution of the compressive stress and an increase in the stress at the 
edge of the cross-section. The eccentricity of the load is defined as the ratio of bending 
moment to axial load, see Eq. 4-1. 











 Eq. 4-1 
This leads to a very important fact about unreinforced masonry (URM): resistance and 
load are not independent, the loading can affect the strength. 
 
Figure 4-3 Eccentricity of axial load 
Figure 4-4 shows the load-carrying capacity of an URM cross-section for different values 
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Figure 4-4 Load-carrying capacity of the cross-section for linear-elastic stress-strain-relationship 
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It becomes obvious that the flexural tensile strength ft strongly influences the load-
carrying capacity for large eccentricities. However, it is not taken into account in common 
design models due to its large scatter. Figure 4-4 is based on a linear-elastic stress-strain 
relationship though this is not representative of all kinds of masonry. Clay brick masonry 
exhibits linear-elastic behaviour and therefore fails as soon as the stress at the edge reach-
es the compressive strength of the masonry. Calcium silicate masonry shows distinctly 
plastic behaviour and can reach higher utilization of the cross-section. 
4.4 Load-Carrying Capacity of Masonry Subjected to In-Plane Loads 
4.4.1 General 
In general, shear stress is divided into two kinds depending on the direction of the shear 
stress: in-plane and out-of-plane shear. While in-plane shear, as it occurs e. g. in bracing 
walls, leads to a number of failure modes and exhibits complex load-carrying behaviour, 
out-of-plane shear is significantly less complex since only one failure mode is likely to 
occur. In the following chapters, the focus will be set on in-plane shear.  
The failure modes of masonry subjected to in-plane loads can generally be divided into 
“global” failure, flexural failure and shear failure. Shear failure itself consists of another 
number of failure modes. The following sections provide information about the general 
load-carrying behaviour of masonry walls subjected to in-plane shear to be able to relate 
the material properties to the load-carrying behaviour. For detailed information on the 
determination of the shear capacity, see chapter 5. 
4.4.2 Load-Carrying Behaviour and Failure Modes 
The failure mode that occurs depends on the combination of axial and shear stress, and 
the material properties. The dimensions of the wall, represented by the slenderness ratio 
h/lw, also influence the failure mode significantly. In this section, the failure modes will be 
described and explained. 
The first failure mode to be discussed is tip over of the entire wall which belongs to the 
group of “global” failures. This failure mode occurs when the resultant of the vertical 
stress is located outside of the cross-section, i.e. in case of large eccentricities (e > lw/2). 
For smaller values of the eccentricity, tensile stresses in the bottom layer occur which 
may exceed the cohesion. This will lead to cracking but is not followed by tip over of the 
entire wall as long as the resultant of the vertical stress stays within the cross section 
(e ! lw/2) and the vertical stress does not exceed the masonry compressive strength. The 
failure mode itself can be identified from one large crack in the bottom bed joint. This 
failure is likely to occur for slender walls and walls with low axial loads. Figure 4-5 illu-
strates this failure mode. 




Figure 4-5 Tip over of the entire wall 
The second failure mode is flexural failure. This failure occurs when the vertical stress at 
the toe of the wall exceeds the masonry compressive strength causing crushing of the unit 
in the bottom corner. The reason for this high stress is the large eccentricity which leads 
to a short length subjected to compression, consequently the vertical stress gets concen-
trated and the compressive strength fm is exceeded. The appearance of this failure mode is 
very similar to shear crushing failure which will be explained later in this section. This 
failure mode can govern the load-carrying capacity under both minimum and maximum 
loads and therefore has to be considered in both cases. This failure mode is shown in Fig-
ure 4-6 . It is also likely to occur for slender walls. 
 
Figure 4-6 Flexural failure 
The next failure mode is sliding failure (see Figure 4-7). Large horizontal forces and low 
vertical stress lead to exceedance of the sliding strength in the bed joints. The sliding ca-
pacity is governed by Coulomb’s friction law (V = µ⋅N). This failure mode normally only 
occurs for squat walls. This failure mode should be differentiated from sliding shear fail-






compressive strength fm 




Figure 4-7 Sliding failure 
The fourth failure mode, shear failure, actually consists of a set of possible failure mod-
es. One difference to the previously mentioned failure modes are the cracks that occur in 
the wall over different courses. Shear failure describes the failure due to a combination of 
the principal stresses and can be subdivided into four failure modes: sliding shear, di-
agonal tension, tip over of the separate unit and shear crushing. The failure modes are 
shown in Figure 4-8. 
Tip over of the separate units is a failure mode that only occurs if the head joints are un-
filled and depends on the dimensions of the units, represented by the ratio hb/lb. Material 
strength is not involved. This failure mode is unlikely to occur except in the rare case of 
modern, large-sized masonry units with hb/lb ! 1.0. 
Sliding shear failure leads to the typical stepped crack pattern as shown in Figure 4-8. The 
horizontal shear strength, consisting of cohesion fv0 and the contribution of the axial load, 
in the bed joints is exceeded and therefore several bed joints fail which leads to the 
stepped crack pattern. This failure mode is likely to occur under low axial load since the 
axial force increases the shear capacity of the bed joints. 
Diagonal tension failure occurs when the tensile strength of the units is exceeded. The 
main diagonal compressive strut generates tensile stress perpendicular to the compression 
which ruptures the unit. These cracks generally initiate near mid-height of the wall and 
propagate to the corners of the wall. 
Shear crushing is similar to flexural (compression) failure in terms of crack formation. 
However, the cause is different: while in the case of flexural failure the maximum vertical 
stress is exceeded, shear compression failure happens when the compressive strength is 
exceeded in the diagonal strut. The overlap of the units is very important for this failure 
mode since it determines the angle of the diagonal compression. 
For further information on the shear strength of unreinforced masonry refer to 
Mann & Müller (1973), Simon (2002) and Kranzler (2008). 
Relevant: 
friction coefficient µ 
level of axial load 




Figure 4-8 Shear failure 
4.5 Material Properties 
4.5.1 General 
Material properties, mainly material strengths, are provided within the national design 
codes. Most codes are based on the concept of partial safety factors, as explained in sec-
tion 2.7. The partial safety factors for the strength have to be applied to so-called charac-
teristic values which are determined from tests by use of standardized methods. Because 
of the long tradition of masonry in practise, characteristic values have been derived em-
pirically in the past, based on only a few tests due to the large variety of unit-mortar-
combinations. With growing acceptance of probabilistic techniques, the characteristic 
values have been defined as quantiles of the stochastic distribution of a material property. 
For material strength, the recommended value is the 5%-quantile (see DIN EN 1990/NA). 
In the following sections, the material properties influencing the shear capacity of URM 
members will be discussed and stochastic models defined by distribution type, mean and 
standard deviation, will be derived for each property as the basis for the reliability analy-
sis in chapter 6. 
tip over of the separate units sliding shear 
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4.5.2 Compressive Strength of the Unit 
In Germany, the compressive strength of the units is determined according to 
DIN EN 772-1. However, this code refers to the specific testing procedures for any ma-
terial. For the three main materials, specific codes are: DIN EN 771-2 for calcium silicate, 
DIN EN 771-4 and DIN EN V 4165 for autoclave aerated concrete, DIN EN 771-1 for 
clay bricks. 
The characteristic value of the compressive strength is defined as the mean compressive 
strength of six specimens of 100 mm length and 100 mm width. The value that can be 
found in the codes also accounts for a size factor that depends on the height and width of 
the units. The size factor increases with the unit height and can be obtained from 
DIN EN 772-1. Note that this value does not represent a 5%-quantile. 
The test method is relatively simple as shown in Figure 4-9. The unit is loaded up to fail-
ure in the hydraulic press. Special attention has to be paid to the interface between the 
unit and compression plates: a layer of high-strength mortar of about 5 cm thickness is 
laid in between the plates and the unit and the plates will either be coated with oil or a 
thin sheet of paper to reduce adhesion.  
 
Figure 4-9 Determination of the compressive strength of the units 
Commonly the compressive strength is determined from entire units but in case of large-
sized units it may also be determined from smaller samples (prisms). The compressive 
strength of the units is used to classify the masonry compressive strength. Therefore, 
classes of unit compressive strength have to be determined. For stochastic analysis the 
mean values of these classes have to be known. DIN EN 1996-1-1/NA provides such val-
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Table 4.5-1 Mean values of fb depending on the class of compressive strength according to 
DIN EN 1996-1-1/NA 
Class of compres-
sive strength of 
units (minimum 
value) 
2 4 6 8 10 12 16 20 28 36 48 60 
Mean value of 
class of compres-
sive strength fb in 
N/mm² 
2.5 5.0 7.5 10.0 12.5 15.0 20.0 25.0 35.0 45.0 60.0 75.0 
Actually, the existent number of compressive tests on masonry units is large since every 
masonry producer performs tests in the process of quality control. Accessing test data 
however is difficult; most data is not available due to marketing reasons. However, in the 
research project of Graubner & Glowienka (2007) a large database provided by the ma-
sonry industry was assessed and average coefficients of variation depending on the unit 
material were provided, see Table 4.5-2, which can be used as prior information for fur-
ther investigations. 
Table 4.5-2 Average coefficient of variation Vm of the compressive strength of the unit according to 
Graubner & Glowienka (2007) 
Unit material Range of CoV in % n CoV 
CS 6-10 693 8% 
CB 4-17 434 9% 
AAC 5-11 140 8% 
LC, NC 6-17 69 12% 
Due to the large number of available tests, especially in the case of CS, CB and AAC, the 
sample is considered reliable. It was also found from the database that the mean values 
provided in DIN EN 1996-1-1/NA match the means obtained from the database very well. 
The applied stochastic model for the compressive strength of the various units is summa-
rized in Table 4.5-3. 
Table 4.5-3 Stochastic model for the compressive strength of the unit 
Unit material Distr. m (fb,m/fb,DIN EN 1996) CoV fb,m/fb,5% 
CS 
LN 
1.1 8% 1.09 
CB 1.1 9% 1.07 
AAC 1.2 8% 1.09 
LC, NC 1.1 12% 1.02 
The mean values represent the ratio of the mean fm to the compressive strength of unit fb 
according to DIN EN 1996-1-1 and are average values over all classes of compressive 
strength. 
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4.5.3 Compressive Strength of Mortar 
As mentioned in section 4.2, three major groups of mortars are available in Germany 
which differ in compressive strength, density and application (joint thickness). These 
groups are GPM, LM and TLM. Testing of the compressive strength of mortar is simple; 
prisms are produced and loaded until failure in a hydraulic press. The corresponding test 
methods are based upon DIN 18555 (DIN 1053-1, DIN 1053-100) and DIN EN 998 (DIN 
EN 1996). 
Commonly, mortars are classified by their compressive strength. Although the reference 
names of the groups according to DIN 1053 and DIN EN 1996 are different, the mortars 
are equivalent. Table 4.5-4 relates the mortar types to the mortar groups. 
Table 4.5-4 Compressive strength of mortar according to DIN 18555-5 and DIN EN 998-2 

















DIN EN 1996-1-1 M 1 M 2.5 M 5 M 10 M20 M 5 M 5 M 10 
fmoa according to 
DIN EN 998-2 ! 1  ! 2.5  ! 5  ! 10  ! 20  ! 5  ! 5  ! 10  
ain N/mm² 
Besides the contribution to the masonry compressive strength, mortar provides initial 
shear strength referred to as cohesion (see section 4.5.6). From assessment of a test data-
base available to the author, suitable stochastic models of the mortar compressive strength 
for different kinds of mortar groups could be derived 
Table 4.5-5 Stochastic models for the compressive strength of mortar  




LM 34 1.48 35% 
II 115 1.46 29% 
IIa 142 1.34 22% 
III 61 1.28 25% 
IIIa 22 1.65 33% 
Mortar group I is no longer in use and thus is not included in the table. The scatter of the 
mortar strength is significant compared to the scatter of the compressive strength of the 
units. It must be noted that the values according to DIN EN 998-2 represent characteristic 
values but are defined as minimum values and not as a percentile. Thus, a comparison of 
a quantile with the minimum values is not useful.  
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4.5.4 Compressive Strength of Masonry 
4.5.4.1 General 
The important property of masonry is its compressive strength referred to as fm. Other 
properties, such as the modulus of elasticity are correlated with the compressive strength 
and thus it is a common approach to relate these properties to the compressive strength. In 
shear design, masonry compressive strength is the relevant material property for the flex-
ure and shear crushing failure modes. 
4.5.4.2 Experimental Determination of the Compressive Strength of Masonry 
Compressive strength of masonry fm is commonly determined on so-called RILEM spe-
cimens according to DIN EN 1052-1 (1998). These specimens have to be 5 units tall; this 
is equal to a slenderness λ = hef/t between 3 and 5. If a specimen exceeds the maximum 
height of 1000 mm, the topmost and the lowest layer of bricks may be sliced plane. The 
minimum length of the specimens is 400 mm. A typical test configuration is shown in 
Figure 4-10. 
 
Figure 4-10 Testing of masonry compressive strength on RILEM specimen  
This test can also be used to determine the modulus of elasticity of the masonry. The 
strains are measured at 4 locations over the height of the prism at a load level of approx-
imately 0.33!fm. Eq. 4-2 then gives the secant modulus of elasticity. The compressive 
strength of the respective specimen can easily be determined by dividing the applied fail-














Ff max,=  Eq. 4-3 
hydraulic press 
load distributing beam 
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A minimum number of 3 specimens have to be tested to obtain the masonry compressive 
strength. The characteristic value according to DIN EN 1052-1 can then be determined 












ff  Eq. 4-4 
The factor 1.2 in Eq. 4-4 results in a characteristic value that is about 80% of the mean 
value. This is a common estimate when it comes to masonry compressive strength. Con-
sidering the compressive strength lognormally distributed and assuming the characteristic 
value to represent a 5%-quantile, the corresponding coefficient of variation is determined 
to be 11%. This seems rather unconservative considering the larger scatter of compressive 
strength for units and mortar. The characteristic value as determined represents the short-
term strength of the masonry. 
Since a number of 3 specimens is not a representative sample, more specimens may be 
tested. If so, the characteristic value of the masonry compressive strength has to be de-
termined to represent the 5%-quantile on a confidence level of 95% according to 
DIN EN 1052-1. This matches the requirements of the German National Annex to 
DIN EN 1990. However, it must be noted that the masonry compressive strength as tested 
is not a constant material property since it strongly depends on the plane strain constraint 
in the test (see Probst (1981)). 
4.5.4.3 Analytical Prediction of the Compressive Strength of Masonry 
Due to the large variety of possible unit-mortar combinations, it has often been attempted 
to determine the masonry compressive strength analytically from the properties of both 
components. Direct testing of the masonry compressive strength is not often conducted 
due to cost effectiveness; testing mainly happens in the process of quality control of the 
masonry producers and in the process of technical approval of new masonry products. 
Therefore, tests are normally performed on the components rather than on the composite. 
Mann (1983) developed an approach for the determination of the masonry compressive 
strength based on the properties of the two components. DIN EN 1996 is based on this 




bm ffaf ⋅⋅=    fb and fm in N/mm²; valid only for GPM Eq. 4-5 
where fb and fmo have to be inserted in N/mm². 
In this equation a, b and c represent empirical factors derived from tests by regression 
analysis. These values have been determined in the past and for many new masonry prod-
ucts and are undergoing permanent updating. Table 4.5-6 gives some values for a, b and c 
for the determination of mean values. Please note that references to the units in the first 
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column are chosen to represent the common ones in Germany. The resulting compressive 
strength is valid for a slenderness of the specimen of λ = 10. However, more detailed val-
ues for the determination of characteristic values can be found in DIN EN 1996-1-1/NA, 
for example.  
In case of masonry with TLM, the influence of the mortar compressive strength on the 
masonry compressive strength is negligible. This yields the following equation for TLM. 
b
bm faf ⋅=          fb and fm in N/mm²; valid only for TLM Eq. 4-6 
Table 4.5-6 Parameters a, b and c for the determination of the mean masonry compressive strength 
for a slenderness of ! = 10 according to Schubert (2010) 
Masonry 
n a b c Units Mortar Material Unit type 
LC 
V, Vbl, Hbl 
TLM 35 0.85 0.84 0 
LWM 80 0.85 0.58 0.15 
GPM 167 0.85 0.73 0.07 
Hbl LWM 59 0.86 0.57 0.14 
V, Vbl GPM 61 0.85 0.72 0.09 
Hbl GPM 106 0.89 0.69 0.05 
V, Vbl TLM 20 0.63 1.00 0 
AAC 
PB 
NM 140 0.98 0.68 0.02 0.99 0.69 0 
LM 17 0.80 0.64 0.09 0.99 0.64 0 
PP DM 162 0.63 1.00 0 0.83 0.86 0 
NC Hbn GPM 15 0.03 1.82 0.23 
CS 
CS full GPM 276 0.70 0.74 0.21 
CS block GPM 24 0.44 0.92 0.17 
CS perforated GPM 108 0.85 0.57 0.20 
CS hollow GPM 70 0.99 0.64 0.05 
CS elements TLM 66 0.53 1.00 0 
CB 
full GPM 55 0.73 0.73 0.16 perforated 342 0.55 0.56 0.46 
lightweight 
perforated 
TLM 9 0.75 0.72 0 
LWM 
21 17 0.67 0.50 0.05 
LWM 
21 17 0.18 1.00 0 
LWM 
36 13 0.47 0.82 0 
LWM 
36 13 0.28 1.00 0 
GPM 28 0.26 0.82 0.42 
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The slenderness of the specimens plays a major role in the determination of the masonry 
compressive strength. In order to compare the values predicted by Eq. 4-5 and Eq. 4-6 to 
test data for the assessment of the accuracy of the equations, the masonry compressive 
strengths have to be converted to the same reference slenderness ! = hk/t. This can be 
done by multiplication with the factor kλ=5 according to Mann (1983). This factor con-
verts the masonry compressive strength to the reference slenderness of ! = 5. 
( )25 00136.0966.0 specimenk λλ ⋅+==  Eq. 4-7 
In Graubner & Glowienka (2007), a large database with hundreds of tests on units, mortar 
and RILEM specimens was evaluated. Table 4.5-7 provides the coefficients of variation 
obtained depending on unit material and type of mortar. 
Table 4.5-7 Coefficients of variation of masonry compressive strength for various unit-mortar-
combinations according to Graubner & Glowienka (2007) 
Unit Mortar Range of CoV n CoV,recommended 
CS TLM 11% - 33% 60 20% GPM 9% - 28% 339 20% 
CB 
TLM 17% - 26% 44 20% 
GPM 8% - 32% 348 20% 
LWM 15% - 25% 42 21% 
AAC TLM 8% - 23% 98 16% 
LC TLM 16% - 25% 33 22% GPM 14% - 20% 36 17% 
It can be seen that although the range of scatter is large, the average coefficient of varia-
tion comes close to 20% in every case. This corresponds to other values obtained from the 
literature, as shown in Table 4.5-8. 
Table 4.5-8 Values for the coefficient of variation found in the literature 
Source fm/fk,5% CoV,average Comment 
Kirtschig & Kasten (1980) 1.34 17% average value over various 
unit materials 
Galambos et al. (1982) 1.36 18% derived for the axial capaci-ty of masonry walls 
Tschötschel (1989) 1.55 25% - 
Holicky & Markova (2002) 1.41 20% - 
Schueremans (2001) 1.36 19% for historical masonry 
Glowienka (2007) derived the stochastic properties for the masonry compressive strength 
of large-sized AAC and CS units from test data and performed a Bayesian update to elim-
inate stochastic uncertainties. The derived stochastic properties show smaller scatter of 
the masonry compressive strength due to the presence of fewer mortar joints. 
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Table 4.5-9 Stochastic model for the compressive strength of masonry for URM made of large-sized 
units according to Glowienka (2007) 
Unit material Distr. fm/fk,5% CoV 
CS LN 1.32 N/mm² 16% AAC 1.27 N/mm²  14% 
Assessment of the test database of Graubner & Glowienka (2007), which was available to 
the author, allowed determination of the stochastic properties of mean-to-characteristic 
masonry compressive strength. In the assessment, the ratio of the masonry compressive 
strength in the test to the characteristic value according to DIN EN 1996 was determined 
and the stochastic moments of this ratio were derived. The characteristic values according 
to DIN EN 1996 are presented in Table 4.5-10 to Table 4.5-12. 
Table 4.5-10 Characteristic values of the masonry compressive strength for hollow clay brick masonry 
according to DIN EN 1996 
Class of compressive strength of 
unit according to DIN EN 1996 
fk in N/mm² 
GPM II GPM IIa GPM III GPM IIIa 
2 1.4 1.6 1.9 2.2 
4 2.1 2.4 2.9 3.3 
6 2.7 3.1 3.7 4.2 
8 3.1 3.9 4.4 4.9 
10 3.5 45 5.0 5.6 
12 3.9 5.0 5.6 6.3 
16 4.6 5.9 6.6 7.4 
20 5.3 6.7 7.5 8.4 
28 5.3 6.7 9.2 10.3 
36 5.3 6.7 10.2 11.9 
48 5.3 6.7 12.2 14.1 
60 5.3 6.7 14.3 16.0 
Table 4.5-11 Characteristic values of the masonry compressive strength for calcium silicate masonry 
with TLM according to DIN EN 1996 
Class of compressive strength of 
unit according to DIN EN 1996 
fk in N/mm² 
Large-size units Regular size units 
CS XL CS XL-N, CS XL-E CS P CS L-P 
2 - - - - 
4 4.7 2.9 2.9 2.9 
6 6.0 4.0 4.0 3.7 
8 7.3 5.0 5.0 4.4 
10 8.3 6.0 6.0 5.0 
12 9.4 7.0 7.0 5.6 
16 11.2 8.8 8.8 6.6 
20 12.9 10.5 10.5 7.6 
28 16.0 13.8 13.8 7.6 
36 16.0 13.8 13.8 7.6 
48 16.0 13.8 13.8 7.6 
60 16.0 13.8 13.8 7.6 
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Table 4.5-12 Characteristic values of the masonry compressive strength for AAC masonry with TLM 
according to DIN EN 1996 





The results of the assessment are displayed in Table 4.5-13. The numbers represent 
weighted results depending on the number of tests. Note that the characteristic values in 
the right column have been determined on the basis of a lognormal distribution which has 
showed good fit with the test data by χ2-test. 
Table 4.5-13 Results of the assessment of the test database 
Unit Mortar n fm/fk,EN CoV fm/fk,5% 
CS TLM 60 1.55 19% 1.33 AAC 98 1.81 16% 1.32 
CB GPM 334 1.43 17% 1.34 
Comparing these numbers to the literature, the test-to-characteristic ratios are larger. It 
becomes obvious that the code values do not represent the 5%-quantiles of the distribu-
tion in every case. The characteristic values provided by the code are smaller than in-
tended by the definition of a 5%-quantile and therefore the code values are conservative. 
In the assessment, a general tendency for conservativism in the characteristic values, es-
pecially for AAC, was detected. 
4.5.5 Tensile Strength of Units 
The tensile strength of the unit fbt is important to the prediction of the load-bearing ca-
pacity because unreinforced masonry under compression fails due to tension and shear 
failure is also often governed by the tensile strength. When it comes to tensile strength, 
the tensile strength of the units must be differentiated from the tensile strength of the ma-
sonry. Especially in the case of modern masonry that is mostly constructed with TLM, the 
cohesion of the mortar is sometimes so strong that tensile failure is likely to occur in the 
unit (especially in case of AAC) and thus, detailed knowledge about the tensile strength 
of the unit gains importance. 
Testing of the tensile strength is difficult and expensive; various methods exist which all 
determine different kinds of tensile strength. Depending on the test method, the obtained 
tensile strength represents the splitting tensile strength or the direct tensile strength in the 
longitudinal direction of the unit. Both kinds of tensile strength are illustrated in the fol-
lowing figure. 




Figure 4-11 Direct tensile strength in longitudinal direction of the unit and splitting tensile strength 
Thus, tensile strength strongly depends on the direction of investigation. Considering a 
wall under vertical and horizontal loading, the tensile stresses do not occur only in the 
vertical or horizontal directions but in the diagonal direction and the resultant stress is 
inclined. However, in most codes, e.g. DIN 1053-1, the term tensile strength refers to the 
tensile strength in longitudinal direction of the unit. It is obvious that the influence of the 
direction is larger in case of perforated units, e.g. typical clay bricks, and smaller for full 
units such as common AAC or CS blocks. Kranzler (2008) found that the tensile strength 
of clay bricks is best characterized by the splitting tensile strength while in the case of CS 
and AAC units, the direct tensile strength in the longitudinal direction proved more ap-
propriate. 
As in the case of concrete, the tensile strength of masonry units can be correlated with the 
compressive strength of the unit. Therefore, the most common approach for the analytical 
determination of the tensile strength of the unit is to multiply the compressive strength by 
a factor that depends on the type of unit as in Eq. 4-8. 
,bt i z bf a f= ⋅  Eq. 4-8 
This approach has been established in every generation of DIN 1053 since 1990. The fac-
tor az represents the ratio of tensile-to-compressive strength of the unit. In this equation, 
the compressive strength of the unit fb refers to the class of compressive strength accord-
ing to the German code. Values for this ratio according to DIN 1053 can be taken from 
Table 4.5-14. These values determine the characteristic value of the tensile strength in the 
longitudinal direction of the unit. Note that fb in DIN EN 1996-1-1/NA is larger than fb 






Direct tensile strength in the 
longitudinal direction of the unit 
Splitting tensile strength 
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Table 4.5-14 Factors az,k according to DIN 1053-1, -100 and DIN EN 1996-1-1/NA for the characte-
ristic value fbtk of the tensile strength in the longitudinal direction of the unit 
Unit az,k 
DIN 1053-1 and -100 DIN EN 1996-1-1/NA 
Hollow blocks 0.025 0.025 
Perforated units; units with grip holes 0.033 0.033 
Full blocks 0.040 0.040 
AAC no special factor 0.082 
As can be seen, DIN 1053-1 and DIN 1053-100 do not differentiate between the different 
unit materials. DIN EN 1996-1-1/NA copies the factors from DIN 1053-1 but adds anoth-
er factor to account for the larger tensile strength of AAC due to the homogeneity of the 
units. Schubert (2010) determined the factors az depending on the unit material as pre-
sented in Table 4.5-15. These factors are more detailed than the values according to the 
codes and were derived to represent the mean of the series. Factors are available for the 
direct tensile strength in the longitudinal direction of the unit and for the splitting tensile 
strength. 
Table 4.5-15 Factors az for the determination of the tensile strength of unit in longitudinal direction 
according to Schubert (2010) 
Unit az 
CS full block (2 DFa) 0.06 
CS full block (2 DFa) with grip holes 0.05 
CS perforated brick (2 DFa) 0.04 
Clay bricks 0.026 
LC full 2, full block 2 0.105 
LC full unit, full block and hollow block ! 4 0.062 
LC hollow block 2 0.086 
AAC 2 0.180 
AAC 4, 6, 8 0.090 
AAC all 0.100 
aDF is a format of the units with 240 × 115 × 52 mm. 
To derive proper stochastic properties, test data from the literature was assessed and then 
updated using Bayes’ theorem (see section 2.4.4). The test data was obtained from speci-
mens of the relevant unit materials (CS, CB, AAC) so that an absolute value for the mean 
could be derived. The assessment is summarized in Table 4.5-16. The values for CS pre-
sented in the table were derived from tests on prisms that were cut from full units. This 
leads to larger values of the tensile strength. According to Schubert (2010), the difference 
between tensile strength derived from tests on prisms and derived from tests on the unit is 
approximately 35%. Hence, the mean value of the tensile strength of CS units was multip-
lied with the factor 0.65. 
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Table 4.5-16 Likelihood parameters for the tensile strength of units derived from tests 
Material m σ CoV n Source 
CS (fk = 20 N/mm²) 1.78a 0.09 5% 11 Gunkler et al. (2009) 
CBb (fk = 12 N/mm²) 0.38 0.03 8% 4 Zilch & Krauns (2004) 
AAC (fk = 4 N/mm²) 0.57 0.07 12% 35 Höveling et al. (2009) 
aconverted from prisms; bsplitting tensile strength 
The scatter of the tensile strength is astonishingly small. The main reason for this is that 
all tests were performed on the same kind of unit from the same batch. In reality, larger 
scatter is expected due to different manufacturers and plants. To reduce the stochastic 
uncertainty or correlation and to obtain more realistic values, the Likelihood parameters 
have to be updated using prior information. Only summaries of additional tests were 
available as prior information; detailed data about each single test could not be found. The 
prior information is summarized in the following table. 
Table 4.5-17 Prior parameters for the update  
Unit m σ CoV n Source Comment 
CS 20 
1.26 0.290 23% 18 Schubert (2010) - 
1.50 0.45 30% 10 JCSS (2003) Estimated on basis of  
experience with concrete 
CB 12a 
0.48 0.120 25% 29 Schubert (2010) - 
0.54 0.124 23% 6 
Schubert (2003) 
Derived for lightweight CB 
12 at incline direction of 30° 
0.96 0.103 11% 4 Derived for perforated CB 12 at incline direction of 30° 
AAC 4b 
0.44 0.080 9% 8 Schubert (2010) - 
0.48 0.034 7% 24 Parker et al. (2007) 
Weighted average values 
from series of AAC 4 
alightweight perforated 
bplane element 
The parameters of the prior distributions were derived by linear weighting depending on 
the number of tests. The parameters were then updated with the Likelihood information 
derived from test data and can be found in Table 4.5-18. 
Table 4.5-18 Transformed stochastic Parameters of the unit tensile strength  
Unit Prior Likelihood Posterior 
m' s' v' n' m s v n m'' s'' v'' n'' 
CS 0.265 0.251 27 28 0.575 0.050 10 11 0.353 0.256 38 39 
CB -0.646 0.229 38 39 -0.971 0.080 3 4 -0.677 0.239 42 43 
AAC -0.793 0.109 32 33 -0.570 0.120 34 35 -0.678 0.160 67 68 
The required stochastic model for the unit tensile strength is then obtained by conversion 
of the posterior parameters to lognormal space. The values provided in Table 4.5-18 are 
valid for the approximation of a lognormal distribution to the log-t-distribution of the up-
dating procedure. The stochastic uncertainties due to the sample size are included in the 
update process. Table 4.5-19 gives the stochastic models for the unit tensile strength. 
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It can be seen that the model for calcium silicate units shows the largest coefficient of 
variation. The reason for this is the large difference between the mean values of the Like-
lihood and prior parameters. Additionally, by comparing the ratio of fbt,m/fbtk,EN to the val-
ues in the right column, it can be seen that the values provided within the European code 
are conservative for CS and AAC. In case of CB, the values are not conservative for the 
provided stochastic model. 
Table 4.5-19 Stochastic model for the tensile strength of units 
Material Distr. m in N/mm² fbt,m/fbtk,EN CoV fbt,m/fbtk,5% 
CS (20/TLM) 
LN 
1.47 1.84b 26% 1.57 
CB (12/GPM) 0.52a 1.31a,c 24%a 1.52 
AAC (4/TLM) 0.51 1.55d 16% 1.32 
asplitting tensile strength 
bfbt,cal according to DIN EN 1996-1-1 (fbt,cal = 0.800 N/mm²) 
cfbt,cal according to DIN EN 1996-1-1 (fbt,cal = 0.396 N/mm²) 
dfbt,cal according to DIN EN 1996-1-1 (fbt,cal = 0.328 N/mm²) 
4.5.6 Cohesion and Friction Coefficient 
The cohesion fv0 refers to the adhesion of the mortar. The mortar acts as the bonding agent 
and provides masonry with shear strength even without vertical compression. Therefore, 
cohesion is often referred to as “initial” shear strength. In the determination of the sliding 
shear strength and the flexural tensile strength of masonry walls, cohesion is a governing 
parameter. 
The friction coefficient µ links the axial load to the corresponding contribution of the 
shear strength according to Coulomb’s law (Coulomb (1776)). It represents the internal 
angle of friction and relates the shear force to the vertical force proportionally. In maso-
nry design according to the German design codes, the cohesion is determined from the 
test method according to DIN 18555-5 (tests of mortar) on a two-unit specimen from a 
minimum number of 9 specimens. DIN EN 1996 refers to the test method according to 
DIN EN 1052-3 which is part of the European code harmonization. It is significantly dif-
ferent from the German procedure but bears the advantage of being mostly independent of 
the unit size and format. Figure 4-12 displays the two test setups schematically. 
The values obtained from the two tests for the cohesion differ significantly, with values 
determined according to DIN 18555-5 being twice as large as the values according to 
DIN EN 1052-3 (Schubert (2003)). In Schubert & Caballero (1995) a factor of  
fvk0,DIN 1052-3 / fvk0,DIN 18555-5 = 2.0 was verified. Currently, test methods that will provide 
more reliable values are being developed (see Popal & Lissel (2010)). 
 




Figure 4-12 Test setup for the determination of cohesion according to DIN 18555-5 and 
DIN EN 1052-3 
Cohesion depends on three main parameters: type of mortar, kind of unit and strength of 
the unit-mortar-interface. Large differences only occur in case of GPM. If TLM is ap-
plied, cohesion is similar for different kinds of units. This corresponds to the values ac-
cording to DIN EN 1996-1-1/NA given in Table 4.5-20. 
Table 4.5-20 Characteristic values of the cohesion according to DIN EN 1996-1-1/NA (determined 
according to DIN 18555-5) without axial compression 
fvk0 in N/mm² 
GPM TLM LM 
20 and higher 0.21 
0.35a 0.14 
10 - 19 0.18 
5 - 9 0.14 
2.5 - 4.5 0.07 
1 - 2 0.02 
adivide by 2 if the void area is more than 15% of the cross-section 
Brameshuber et al. (2006) and Schubert et al. (2003) report the stochastic parameters of 
the cohesion for large-sized CS and AAC units with TLM. These values were derived for 
large-sized units in “plane quality” (very even surface of the units) which represent the 
common masonry in Germany. In the case of clay bricks, only a few tests for the determi-
nation of the cohesion of GPM are available in the literature. One single test can be found 
in Schubert et al. (2003) giving a value of 0.55 N/mm² for CB 12/IIa and 3 tests in 
Ötes & Löring (2003) give a mean value of 0.50 N/mm² for the same kind of masonry. 
According to Schubert (2010), the cohesion of clay bricks (all kinds) with GPM lies with-
in the range of 0.4-1.0 N/mm² providing a mean value of 0.50 N/mm² for GPM IIa. This 
corresponds to the values found in the mentioned tests. No data about the scatter could be 
found and so the scatter will be assumed to be larger than in case of CS and AAC units. 
The stochastic models for the cohesion are summarized in Table 4.5-21. It can be seen 
from the determination of the 5%-quantiles that the values provided within the code are 
DIN 18555-5 




DIN EN 1052-3 
F 
F/2 F/2 
154 71 71 240 
all dimensions 
in mm 
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conservative, even for the large scatter assumed. In case of GPM IIa and CB units, the 
value seems overly conservative. 
Table 4.5-21 Stochastic models of the cohesion for large-sized AAC and CS units  with TLM and CB 
units with GPM IIa according to Brameshuber et al. (2006) and Schubert (2010) 
Unit Mortar Dist. m fv0m/fv0k,EN CoV fv0m/fv0k,5% 
AAC large-sized TLM LN 0.75 N/mm² 2.14 35% 1.16 CS large-sized 
CB IIa 0.50 N/mm² 3.57 40% 1.76 
The database of tests of the friction coefficient µ is poor since a determination of these 
parameters was not stipulated in DIN 18555-5. Because nearly all tests of the cohesion 
were carried out on the basis of DIN 18555-5, there is a significant lack of data. Never-
theless, some recommendations can be found in the literature and usually range from 0.51 
(Mann & Müller (1973)) to 0.86 König et al. (1988). Schueremans (2001) derived the 
friction coefficient independently from material and unit type by means of a lognormal 
distribution with a mean of 0.8 and CoV of 19%. This model gives a characteristic value 
of µk = 0.6 as the 5%-quantile which corresponds to the value provided in the German 
code. This stochastic model will be used herein.  
4.6 Summary 
In this chapter, the basic knowledge about the load-carrying behaviour of URM walls 
subjected to axial load and in-plane shear is explained. Additionally, the relevant material 
properties are presented. 
Unreinforced masonry walls exhibit complex load-carrying behaviour; various failure 
modes are possible depending on the geometry of the wall, the absolute value of stress 
and the masonry properties, among other influences. The corresponding material proper-
ties are explained and assessed. Typical test procedures are displayed and the status and 
numbers from design codes are analysed for each material property so that stochastic 
models could be derived. The stochastic models are derived by use of test data and values 
available in the literature. For more realistic results, some properties are updated with 
prior information by use of Bayesian techniques. In this way, appropriate stochastic mod-
els are derived for all required material properties assuming homogeneous material prop-
erties and smeared stress-strain relationships. The stochastic models for the material 
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Table 4.6-1 Summary of the stochastic models of the material properties 
Basic variable Unit Dist. m [N/mm²] 
Xk.ENa 





- 10.5 1.55 19% - 
AAC - 3.2 1.81 16% - 
CB - 5.0 1.43 17% - 
Cohesion fv0 
CS 0.75 0.35 2.14 35% TLM AAC 
CB 0.50 0.14 3.57 40% GPM 
Friction 




CS 1.47 0.80 1.84 26% 
- AAC 0.51 0.33 1.55 16% 
CB 0.52 0.40 1.31 24% splitting tensile 
strength 
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5 PREDICTION OF THE LOAD-CARRYING CAPACITY 
5.1 General 
In comparison to the prediction of the flexural capacity, the prediction of the shear capaci-
ty is much more difficult. The reason for this is the very complex load-carrying behaviour 
of unreinforced masonry subjected to shear. Due to the nonhomogeneous and orthotropic 
nature of the material, several failure modes are likely to occur, as was described in sec-
tion 4.4. Summarizing, the critical failure modes are 
! tip over of the entire wall 
! flexural failure 
! sliding shear 
! diagonal tension 
! crushing 
Figure 5-1 shows the load-carrying capacities vR versus the axial load n. Note that the 
location and possibility of the failure envelope intersections depend on dimensions, ma-
terial properties and loading. The figure only illustrates the general situation. 
 
Figure 5-1 Shear capacity vR vs. axial load n and failure modes 
The idea of different ranges for different failure modes forms the basis for most common 
shear models, such as Mann & Müller (1973). Although, this thesis focusses on the relia-
bility of masonry shear walls, a general understanding of shear in masonry is required. 
Thus, a brief overview of shear models will be presented here. Subsequently, the models 
will be assessed by comparison with a test database so that the most realistic model can 
be identified. For more detailed information on the shear models, refer to Kranzler 
n = N/(t!lw!f) 
1.0 







1 flexural failure (min. axial load) 
2 flexural failure (max. axial load) 
3 tip over of the entire wall 
4 sliding shear 




lw wall length 
fd compressive strength 
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(2008). All the models presented model the masonry with a smeared stress-strain relation-
ship; discrete modelling of unit and mortar is not useful for reliability analysis.  
5.2 Notation 
A normalized, non-dimensional notation for the axial and shear force will be used in the 
following. The main advantage of this notation is the assessment being independent from 












t l f= ⋅ ⋅  Eq. 5-2 
where ni and vi are the non-dimensional axial and shear force, Ni and Vi are dimensional 
axial and shear force, t is the thickness of the wall, lw is the length of the wall and fi is the 
compressive strength. This notation will be used for consistency in the following discus-
sion. Note, that the subscripts of Ni and Vi may be different (e.g. Vi = VRk or Vi = VEk). 
For the reliability analysis in chapter 6, a realistic prediction model is required. Thus, the 
models presented in this chapter will be assessed with test data to identify the best model 
and derive the required stochastic parameters for the model uncertainty. 
5.3 Classical Beam Theory 
5.3.1 Pre-Assumptions and Structural System 
In the following sections, the prediction of the shear capacity of a URM wall will be ex-
plained. Here, the term “shear capacity” refers to the horizontal load that can be sustained 
by the wall. This load is limited by a number of possible failure modes of the wall which 
were described in section 4.4.2. In general, the limiting failure modes can be divided into 
failure related to axial stress (and flexure) and failure related to shear. Commonly, the 
shear capacity related to axial stress is determined from either classical beam theory 
which will be explained in this section or from theory of plastic limit analysis which will 
not be the focus of this thesis but be briefly discussed in section 5.4. 
A number of simplifications in modeling of the realistic load-carrying behaviour are made 
in the application of classical beam theory. The hypothesis of Bernoulli, i.e. cross-
sections remaining plane, is assumed valid and the influence of shear on the deformations 
is neglected.  
Typical masonry walls subjected to in-plane shear can be modelled as walls with centric 
axial load and horizontal load at the top of the wall by using the shear slenderness ratio λv 
as proposed by Kranzler (2008). The parameter λv can be calculated from Eq. 5-3. The 
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parameter ψ in this equation accounts for the structural system of the wall and is illu-
strated in Figure 5-2. In chapter 6, the shear slenderness will be the main parameter in the 
reliability analysis. 
v w w































































Figure 5-2 Conversion of the structural system of a Shear Wall according to Kranzler (2008) 





l N l N
ψ λ= ⋅ ⋅ = ⋅  Eq. 5-5 
Consequently, for constant V/N, the eccentricity increases with increasing λv resulting in a 
larger moment arm in the structural system. 
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5.3.2 Tip over of the Entire Wall 
Besides the typical failure modes that occur due to exceeding the material strength, 
another failure mode has to be considered in case of URM: the tip over (index “to”) of the 
entire wall (see section 4.4). In this failure mode, the wall itself remains “undamaged”, 
theoretically. This failure happens for eccentricities eu/lw > 0.5, i.e. when the resultant of 
the axial stress is located outside the cross section and when tensile strength in the bottom 




ν λ= ⋅  Eq. 5-6 
This failure mode represents an upper limit of the shear capacity and can only govern in 
case of large values of the shear slenderness in combination with large eccentricities. 
Normally, the other failure modes lead to significantly smaller shear capacities. 
5.3.3 Flexural Failure 
The flexural capacity depends on the assumed stress-strain relationship. In general, two 
limit cases are possible: linear-elastic or fully-plastic. The realistic stress-strain relation-
ship of course lies in between these two cases. For information on the prediction of the 
flexural capacity based on an arbitrary stress-strain relationship, refer to Glock (2004). 
If a linear-elastic stress-strain relationship is assumed, cracked (denoted by “c” in the in-
dex) and uncracked (“uc”) cross-sections have to be differentiated. Possible failure modes 
are then flexural failure (“fl”) of the uncracked cross-section corresponding to the axial 
stress exceeding the compressive strength and compression failure of the cracked cross-
section. The latter happens if the stress at the edge of the cross-section exceeds the com-
pressive strength. Because of the eccentricity, the length under compression decreases and 
thus the stress at the edge increases. If tensile strength fx1 of the cross-section in the ver-
tical direction is taken into account, a third failure mode can occur. However, such tensile 
strength will not be taken into account here as it is not in most design guidelines and 
codes. The reason is the strong influence of workmanship and the large uncertainty in the 





















 n ! 0.5 Eq. 5-8 
If the stress-strain relationship is assumed fully-plastic, a differentiation between cracked 
and uncracked cross-sections is unnecessary due to the use of the stress block and thus the 
shape of the stress distribution does not change from uncracked to cracked state. In this 
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case, the shear capacity for a fully-plastic stress-strain relationship is equal to vf,cr accord-






n nν λ= ⋅ −⋅  Eq. 5-9 
5.3.4 Shear Capacity 
5.3.4.1 Historical development 
The first studies on masonry shear strength (see Kelch & Norman (1931), Benja-
min & Williams (1958), Vogt (1961), Zelger (1964)) focused on recalculation of experi-
mental data and derived a shear strength fv directly from the test data. 
R vV f A′= ⋅  Eq. 5-10 
where VR is the shear capacity, A′  is the corresponding cross-sectional area (which is 
equal to the cross-sectional area subjected to compression). 
The fact that shear capacity of unreinforced masonry depends on the axial stress was veri-
fied in every study. Hendry & Sinha (1969, 1971) reasoned an almost linear relationship 
of axial stress and shear capacity from their test results, see Figure 5-3. 
In most tests, a failure of the mortar-unit interface due to the low cohesion of the old mor-
tars was observed. This leads to the common approach to predict the shear capacity using 
the Mohr-Coulomb criterion.  
0v v xf f µ σ= − ⋅  Eq. 5-11 
Today’s mortars provide much better cohesion, especially TLM. Additionally, today’s 
shear walls are much more slender so that other failure modes become likely. However, 
Eq. 5-11 is still the only design model available in a large number of codes. 




Figure 5-3 Influence of the axial stress on the shear capacity (Hendry & Sinha (1969, 1971)) 
In subsequent years it was found that the linear approach is not appropriate (see Stafford-
Smith & Carter (1971)) especially for large axial loads. Tomazevic (1982) proposed the 
use of a general limit stress depending on the geometry of the wall. This gave a new equa-









= ⋅ −  Eq. 5-12 
where σx is axial stress, σ1,t is the resulting principal tensile stress and c is a parameter 
that represents the distribution of the axial stress over the cross-section. The parameter c 
has entered the German design codes in similar form. 
From there, Mann & Müller (1973, 1978) developed a model for the shear strength that 
includes tensile and compressive strength of the unit as well as the cohesion. The model 
neglects shear transfer through the head joints which applies for unfilled head joints and 
represents the common situation in Germany where head joints are usually unfilled. Tak-
ing into account the shrinkage of the units and mortar, shear transfer through the head 
joints has to be questioned even in case of filled head joints. Mann & Müller’s model has 
been derived from the single unit instead from the wall. Overall, Mann & Müller ac-
counted for four failure modes: tip over of the separate unit, sliding shear, diagonal ten-
sion and (shear) crushing as explained in section 4.4. The occurrence of these failure 
modes depends on the level of axial stress as presented in Figure 5-1. 
Mann & Müller’s model has formed the basis for the German design codes since its de-
velopment. Therefore, it is described in more detail in section 5.3.4.2. 
Using Mann & Müller’s work as a basis, many authors went on developing shear models. 
Here, only models that brought significant new knowledge will be explained, for more 
detailed information see Simon (2002) and Kranzler (2008). A significant shortcoming of 
Mann & Müller’s model is that is does not account for small overlaps u/h which have 
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become more and more common due to the application of large-size masonry units. 
Graubner & Simon (2001), Simon (2002) as well as Jäger & Schöps (2004) therefore in-
cluded the overlap in their models. The model of Jäger & Schöps forms the basis for 
some parts of the new German National Annex to Eurocode 6 and thus will be discussed 
in more detail in section 5.3.4.3. Page (1978, 1980, 1982) conducted a large test series on 
biaxially stressed masonry specimens with inclined bed joints and therefore was able to 
define failure modes for different combinations of principal stresses (tension-tension, ten-
sion-compression, compression-compression). Figure 5-4 shows the typical results for the 
tension-compression combination. Every point of the failure envelope shown represents 
failure. As it can be seen from this figure, an analytical formulation of the envelope area 
in an efficient and practical way is not possible. 
Ganz (1985) developed a failure envelope for biaxially stressed URM based on 
Page (1978, 1980, 1981, 1982). He formulated five failure modes for masonry without 
tensile strength and thirteen failure modes for masonry with tensile strength. This model 
is special since it is based on theory of plasticity instead of following a linear-elastic ap-
proach. The failure envelope according to Ganz (1985) is presented in Figure 5-5.  
 
Figure 5-4 Failure envelope and failure modes occurring for tension-compression combination 
(Page (1982)) 
Mojsilovic (1995) and Mojsilovic & Marti (1997) developed their model on the basis of 
Ganz’s work. They added another failure mode for masonry without tensile strength that 
covered typical failure of CS masonry along the head joints. However, the required ma-
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Mojsilovic and Marti forms the basis of the Swiss design code but will not be taken into 
account for probabilistic analysis in this thesis because it has been derived for filled head 
joints which are mandatory in Switzerland but uncommon in Germany. 
A relatively new model is the model according to Schermer (2004). It is based on the 
theory of plasticity and the model of Mann & Müller (1973). 
The newest approach to shear strength prediction comes from Kranzler (2008). His ap-
proach is based on the models of Mann & Müller (1973) and Jäger & Schöps (2004). 
From there, he formulated a minimum value of the sliding shear strength and calibrated 
the approach of Jäger & Schöps (2004) for diagonal tension.  
 
Figure 5-5 Failure envelope for masonry with and without tensile strength (Ganz (1985)) 
5.3.4.2 Shear Model according to Mann & Müller (1973) 
Mann & Müller (1973) derived their model from an idealized, separate unit in a wall with 
regular running bond corresponding to an overlap u/lb = 0.5. The stresses in consideration 
are shown in the following figure. 
one-way compression 




Figure 5-6 Stress model and state of equilibrium according to Mann & Müller (1973) 
In the stress model, the stress transfer over the head joints is neglected so that only the 
shear stress τ and the axial stresses σi occur. The shear stress generates a rotating moment 
that has to be equalized by another moment due to the axial stresses. This leads to differ-
ent axial stress in the areas 1 and 4 (and 2 and 3, respectively). This model is considered 
















σ σ τ= ± ⋅ ⋅  Eq. 5-15 
Mann & Müller (1973) defined further failure criteria for the partial areas (1 - 4) of the 
unit. These failure criteria match the failure modes presented in section 4.4. The failure 
mode “tip over of the separate unit” occurs when the initial tensile strength fx1 in the bed 
joint is exceeded which could be the case for very tall units and small axial stress result-










 Eq. 5-16 


















State of Equilibrium I 
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, 0 2v s vf fτ µ σ≤ = − ⋅  Eq. 5-17 
Note that σ2 is positive when tensile. By substituting Eq. 5-15 into the above equation, the 

















It becomes obvious that it is not the maximum stress σ1 but rather the minimum axial 
stress σ2 that governs. This stress occurs in the areas 2 and 4 (see Figure 5-6) and failure 
happens there at the same time. Mann & Müller used this fact to explain the stepped crack 
formation. 
With growing axial compression, tensile stresses in the diagonal direction of the unit oc-
cur. Cracking occurs when the tensile strength of the unit is exceeded. Mann & Müller 
calculated the corresponding shear stress τb inside the unit assuming that only unidirec-
tional axial stress σx is available. The principal tensile stress σI can then be determined 
from Eq. 5-19. 






= ⋅ −  Eq. 5-20 





τ = ⋅ −  Eq. 5-21 
Note that τb is still the shear stress inside the unit and is not equal to the shear stress τ. 
Mann & Müller (1978) gave a value of τb = 2.3!τ. However, this value is only valid for 









= ⋅ ⋅ −  Eq. 5-22 
Exceeding this shear strength will lead to the failure mode “diagonal tension” (dt), as 
shown in Figure 4-8. In case of very large axial stress σx, the areas 1 and 3 will fail due to 
exceeding the masonry strength fm. From Eq. 5-24, the corresponding shear strength can 
be derived. The failure mode is referred to as “crushing” (c). 








σ= + ⋅  Eq. 5-23 










 Eq. 5-24 
Note that compressive stress is negative in the equation. 
Shear failure will occur if any of the mentioned shear strengths is exceeded at a given 
load stage. Kranzler (2008) calculated the failure envelope for various unit formats, as 
presented in Figure 5-7. 
It can be seen that the slope of the curve for sliding shear failure changes. The reason is 
that the stress redistribution into less stressed areas is neglected because of the discrete 
partition of the unit into four areas in the stress model. Therefore, tip over of the separate 
unit hardly ever governs and can be neglected according to Mann & Müller (1973) in 
common masonry design. 












h st /l st  =
-σ /f
f v/f
f x1   = 0,05 N/mm²
f v0   = 0,18 N/mm²
f bt    = 0,80 N/mm²
f     = 6,00 N/mm²









(KiE): Kippen der Einzelsteine, Teilbereiche 2 und 4
(R):    Reibungsversagen, Teilbereiche 2 und 4
(S):     Steinzugversagen 
(SD):  Schubdruckversagen, Teilbereiche 1 und 3
unabhängig von h st /l st
 
Figure 5-7 Influence of the unit format hb/lb on the shear strength fv according to the model of 
Mann & Müller (figure taken from Kranzler (2008)) 
5.3.4.3 Shear Model according to Jäger & Schöps (2004) 
While the model of Mann & Müller (1973) considers failure to happen when one partial 
area of the unit fails, Jäger & Schöps (2004) follow a different approach by considering 
stress redistribution over the unit. This leads to two new possible states of equilibrium 
besides the state defined by Mann & Müller (see Figure 5-6). In addition, new equations 
for diagonal tension failure were derived by fitting an empirical model to the shear stress 










TSU Tip over of the separate unit 
S Sliding shear 
DT Diagonal Tension 
C Crushing 
fx1  = 0.05 N/mm² 
fv0  = 0.18 N/mm² 
fbt  = 0.80 N/mm² 
fm  = 6.00 N/mm² 






independent from hu/lu 
hear strength according to Mann & Mü ler
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the normal and shear stress were considered to be constant in the respective area of the 
unit. A probable partial cracking inside the single areas is not taken into account. 
As long as failure does not occur in one of the areas, the stress model is equal to the mod-
el of Mann & Müller (1973), here further referred to as state of equilibrium I (see Figure 
5-6). When failure occurs, stress redistribution to less stressed areas can occur and so 
Jäger & Schöps (2004) defined the states of equilibrium presented in the following figure. 
 
Figure 5-8 States of equilibrium II (left) and III (right) according to Jäger & Schöps (2004) 
The stresses can be determined from moment equilibrium. For state of equilibrium II, this 
yields 
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 Eq. 5-26 
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 Eq. 5-31 
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− −% &
 Eq. 5-32 
The state of equilibrium III can only occur for a certain ratio of axial and shear stress. For 
larger shear, the system will then fail by tip over of the entire wall, for smaller shear, state 









τ σ= − ⋅ ⋅  Eq. 5-33 
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= ⋅ +# $
−% &
 Eq. 5-35 
Jäger & Schöps (2004) derived the shear strengths for the four failure modes as defined 
by Mann & Müller (1973) by defining further limit states for every state of equilibrium 
depending on the stress distribution, on the first area that fails and other conditions. This 
leads to a large number of possible limit states. A description of every limit state goes 
beyond the scope of this thesis; detailed information and analysis can be found in Kranz-
ler (2008). 
It can, however, be stated that tip over of the separate units can become relevant in the 
model according the Jäger & Schöps (2004) due to the stress distribution and the corres-
ponding constant value of the friction coefficient µ for different unit formats. This differs 
from the model of Mann & Müller (1973). 
The sliding shear strength is generally larger according to Jäger & Schöps  than 
Mann & Müller due to the plasticity of the cross-section and the corresponding stress dis-
tribution being accounted for. For diagonal tension failure, Jäger & Schöps (2004) 
showed that the maximum shear stress always occurs at the edges of the units and not in 
the centre as assumed by previous authors. This was verified by FE simulations. The ratio 
of maximum shear stress to average shear stress F = τb/τ was found to depend on the 
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thickness of the bed joints and was determined to be F = 1.7 for GPM and F = 2.0 for 
TLM and tall units (see Figure 5-9). 


















h st /l st  = 0,5; ü/l st  = 0,5; ü/h st  = 1,0
h st /l st  = 1,0; ü/l st  = 0,25; ü/h st  = 0,25
Versagenskriterien
(KiE):   Kippen der Einzelsteine
(R):       Reibungsversagen
(S)Rand:  Steinzugversagen, Steinrand
(SD):     Schubdruckversagen
F  = 1,7 f x1   = 0,05 N/mm²
f v0   = 0,18 N/mm²
f bt    = 0,80 N/mm²
f     = 6,00 N/mm²
µ
    = 0,6
 
Figure 5-9 Failure envelope of the model according to Jäger & Schöps (Kranzler (2008)) 
5.3.4.4 Shear Model according to Kranzler (2008) 
Kranzler (2008) based his work on the models of Mann & Müller (1973) and 
Jäger & Schöps (2004). He was able to start his work from a large number of tests which 
were conducted to study modern large-sized masonry. Kranzler (2008) developed a new 
prediction model in which a minimum value of the sliding shear strength min vs based on 
the second law of Amontons was introduced.  
min sv nµ= ⋅  Eq. 5-36 
For diagonal tensile failure (dt), Kranzler (2008) provides an equation based on 
Jäger & Schöps (2004). Kranzler (2008) modified the original factor F used to account 
for different thickness of the bed joints to a factor F! for better fit with the data.   
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( )0.63 0.45 btF F f′ = ⋅ + ⋅    fbt in N/mm² Eq. 5-39 
fx1  = 0.05 / ² 
fv0  = 0.18 N/mm² 
fbt  = 0.80 N/mm² 
fm  = 6.00 N/mm² 
µ  = 0.6 
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with F = 2.0 for masonry with TLM and 1.7 for masonry with GPM. In addition, Kranz-
ler (2008) recommended the use of the equation for flexural strength for very large axial 
forces (e.g. as in Eq. 5-8) instead of application of the shear crushing models. 
5.4 Plastic Limit Analysis 
A determination of the load-carrying capacity can also be carried out by plastic limit 
analysis. This is significantly more complex than the application of classical beam theory. 
This theory will not be used for the reliability analysis in the following chapter but will be 
explained briefly as a matter of completeness. 
Plastic limit analysis was introduced into masonry design by Ganz (1985) and further 
developed by Mojsilovic & Schwartz (2006). The latter divided their approach into sim-
plified and exact methods. The difference between the two methods is the modelling of 
the stresses: while the simplified method only considers a single stress field due to the 
load, the exact method considers several stress fields. However, both methods require the 
determination of an inclined compressive strength fθ. Kranzler (2008) gives a closed form 
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= ⋅ ⋅ + −# $# $⋅% &
 Eq. 5-40 
where fx is masonry compressive strength in the vertical direction and fy is masonry com-
pressive strength in the horizontal direction. The influence of the ratio fy/fx increases with 
increasing axial force n, see Figure 5-10. 
Tragfähigkeit von Aussteifungsscheiben nach Plastizitätstheorie


















f y /f x  = 1,0
Gleiten 
(v  = µ ⋅ n )
= 0,30
f v0 / f x  = 0
µ = 0,6
λ v  = ,5
λ v  = 1,0





Figure 5-10 Load-carrying capacity according to the simplified method of Mojsilovic & Schwartz 
(2006) (figure taken from Kranzler (2008)) 
Load-carrying capacity according to the simplified method of 
Mojsilovic & Schwartz (2006) 
flexural failure 
sliding 
(min vs = µ!n) 
n = N/(t!l!fx) 
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It can be seen that the load-carrying capacity is low for small values of fy/fx and can even 
be zero for n > fy/fx. Using the exact procedure is recommended in these cases since it 
leads to significantly larger capacities. 
The exact procedure superimposes the diagonal stress field with the vertical stress field. A 
closed-form solution is not possible; iteration of the load-carrying capacity is required. 
The iteration has to be carried out over the inclination of the struts in the inclined stress 
field and the corresponding combination of axial and horizontal load have to be com-
puted. For more detailed information, the reader is referred to Kranzler (2008), however, 
the capacities according to the exact method are presented in Figure 5-11. 
The plateau is reached for the respective maximum value of the angle of the struts. The 
capacities determined with the exact method are significantly larger than compared to the 
simplified method for small values of the ratio fy/fx. For large values of this ratio, the sim-
plified method leads to larger capacities. The reason for this is related to the axial force 
that is required to determine v = µ!n. However, a simplified design model should never 
yield larger capacities than an “exact” method. 
Tragfähigkeit von Aussteifungsscheiben nach Plastizitätstheorie
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Figure 5-11 Load-carrying capacity according to the exact method of Mojsilovic & Schwartz (2006) 
(figure taken from Kranzler (2008)) 
 
 
Load-carrying capacity according to the exact method of  
Mojsilovic & Schwartz (2006) 
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5.5 Design models 
5.5.1 Notation 
In the following sections the non-dimensional definition of the forces as explained in sec-
tion 5.2 will be used again. However, to refer to the corresponding loads and strengths 












t l f= ⋅ ⋅  Eq. 5-42 
Note that the masonry compressive strength fk is the characteristic value according to 
DIN 1053-100 or DIN EN 1996. NGk is the characteristic value of the axial dead load. VEk 
is the maximum sustainable characteristic shear load in ultimate limit state. It was decided 
to use VEk instead of VRk due to better handling in the reliability analysis in chapter 6 
where the mean of the shear load vE will be determined from the characteristic value vEk 
(also see section 2.7). So, the normalized design equations as presented in the following 
sections can be used directly for the reliability analysis. 
 
Figure 5-12 Relationship of VEk and VRk in semi-probabilistic design 
5.5.2 Design Model according to DIN 1053-1 and DIN 1053-100 
DIN 1053-1 (1996) and DIN 1053-100 (2007) include both simplified and exact design 
methods for shear walls. Since this thesis is about reliability assessment which requires 
exact prediction of the shear capacity, only the exact methods will be explained. For fur-
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In contrast to DIN 1053-100, DIN 1053-1 applies the global safety concept to account for 
the inevitable uncertainties in the design. In this safety concept, the stresses due to the 
loads are multiplied by a safety factor γgl = 2.0 and checked with the strength. This is ac-
tually not correct because the stresses are determined based on the cross-sectional area 
subjected to compression and consequently an interaction between the load effect and 
resistance is inherent. It would have been correct to apply the safety factor directly to the 
loads, then obtain the corresponding cross-sectional area subjected to compression and in 
the next step calculate the stresses. However, DIN 1053-1 does not clearly insist on this 
procedure and thus, the formally wrong application of γgl on the resistance has become 
common in practice. 
To align the design of masonry members with the design of concrete and steel members 
where the semi-probabilistic safety concept was already adopted, DIN 1053-100 was de-
veloped. The shear concept remains similar in both codes; the same failure modes are 
taken into account. However, the change in the safety concept revealed the aforemen-
tioned shortcoming of the old code. Figure 5-13 illustrates the effect of the safety concept 
on the length subjected to compression of the cross-section. Due to the smaller design 
value of the horizontal load according to DIN 1053-1, the length subjected to compres-
sion is larger than according to DIN 1053-100 (see Figure 5-13). This leads to smaller, 
allowable stresses. Hence, the design stress according to DIN 1053-1 is smaller than ac-
cording to DIN 1053-100 and the estimated safety margin of γgl = 2.0 is not provided. In 
addition, the method of partial safety factors is state-of-the-art since it allows for consid-
eration of the uncertainties of every parameter. Applying the global safety factor entirely 
on the resistance, as in the old code, does not differentiate between the different scatters 
of the respective parameters and load combinations. 
The design according to DIN 1053-1 had, however, proven good in the past and so, a fac-
tor !s was introduced in DIN 1053-100 that set the new capacities almost back to the level 
of DIN 1053-1, which were bigger. This factor increases the length of the wall under 
compression and so increases the load-carrying capacity. The factor is different in case of 
uncracked and cracked cross-sections. In case of an uncracked cross-section, the factor 
leads to the exact capacities as given by DIN 1053-1; in the cracked state, the new capaci-
ties come closer but still do not reach the capacities of DIN 1053-1. 
The following non-dimensional equations have been derived from the code equations. To 
derive the values for DIN 1053-1, set γgl = 2.0. In case of DIN 1053-100, γv = 1.5, 
γM = 1.5, !uncr = 1.125 and !cr = 1.333. Note that the compressive strength was defined 
differently in both codes. The compressive strength "R according to DIN 1053-1 already 
included the factor η accounting for long-term reduction of the compressive strength. 
R kfβ η= ⋅  Eq. 5-43 




Figure 5-13 Effect of the different safety concepts in DIN 1053-1 and -100 on the length subjected to 
compression 
Both design codes stipulate that at least half the cross-section remains under compression 
for service loads. This check actually belongs to the serviceability limit state but the crite-
rion also serves as a check against the tip over of the entire wall (see section 5.3.2) with a 
safety margin. Tip over happens when the resultant of the axial stress is located outside of 
the cross-section. The limit state is given when e/lw = 1/2. In general, DIN 1053-100 re-
quires a safety factor of 1.5 for this kind of failure. Thus, the maximum eccentricity ac-
cording to DIN 1053-1 is e/lw = 1/3. 








v λ= ⋅  Eq. 5-44 
Tip Over in DIN 1053-100 
In DIN 1053-100, the check was modified. DIN 1053-100, clause 5.4 stipulates a limita-
tion on the length under compression to at least half the length of the cross section under 
the frequent load situation according to DIN 1055-100. For the case of dead load and 
wind load, the frequent load situation is defined as follows 
, 1d frequ Gk wkE E Eψ= ⊕ ⋅  Eq. 5-45 
where Ed,frequ is the design load effect, EGk is the characteristic value of load effect due to 
dead load, Ewk is the characteristic value of the load effect due to wind load and ψ1 is the 
combination factor according to DIN 1055-100. For wind load, a value of ψ1 = 0.5 is pro-
vided. In DIN 1053-100, the assumed stress-strain relationship is fully-plastic for the 
check against flexural failure. This leads to 




to Ek DIN plastic
v
n





VEd = γw!VEk 









V f l t
γ
′= ⋅ ⋅ ⋅  
 5  Prediction of the Load-Carrying Capacity 
 
100 
However, it is questionable whether the material actually follows fully-plastic behaviour 
under minimum axial load. Thus, although not clearly stated in the code, linear-elastic 
stress-strain behaviour should be assumed for this check and consequently the shear load 
due to tip over of the entire wall should be calculated from 




to Ek DIN elastic
v
n
v λ− = ⋅  Eq. 5-47 
Flexural Failure in DIN 1053-1 
The checks against flexural failure for both codes are different because of the assumed 
stress-strain relationships. Due to the assumed linear-elastic relationship in DIN 1053-1, 
the cracked and uncracked states have to be differentiated. Additionally, the stress at the 
edge of the cross-section may be increased by 1/3 due to the possibility of stress redistri-
bution from the edge to less stressed regions of the cross-section due to plastic capacity. 
Applying the same normalized formulation as before, the design equations for flexural 
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   for nEd ! 0.283 Eq. 5-49 
where η is the durability factor with a value of η = 0.85. The second equation is similar to 
Eq. 5-8. Note that the provided ranges of nEd are only valid for a ratio of live-to-dead load 
of 3:7. 
Flexural Failure in DIN 1053-100 
For the fully-plastic stress-strain relationship as used in DIN 1053-100, the following eq-
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 Eq. 5-50 
Note that nEd can be the maximum or minimum axial load. From here it can be seen that 
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 Eq. 5-51 
where γv = 1.5 for wind load. 
In Eq. 5-50, a possible combination factor ! as provided by DIN 1055-100 is not taken 
into account since the governing load action for masonry shear walls in Germany is al-
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most always the wind load. Earthquake, if considered at all, is secondary for the design of 
typical masonry buildings.  
In case of shear failure (sliding, diagonal tension, crushing) both German codes are based 
on Mann & Müller (1973). Due to the common masonry units in Germany, the parame-
ters of the model were modified so that a typical unit with hb/lb = 0.5 is generally consi-
dered. Additionally, regular stretcher bond with a minimum overlap of 0.4!hb is assumed. 
The failure mode “tip over of the separate units” was not included in either code. Howev-
er, following the aforementioned assumptions, the failure mode did not govern and thus 
did not need to be checked. In the calculation of the shear stress, the shear distribution 
over the cross-section is taken into account by the factor c which depends on the slender-
ness hw/lw of the wall (see Eq. 5-52).  
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 Eq. 5-52 
Sliding Shear in DIN 1053-1  
Unlike the checks for the flexural capacity, both codes use a linear-elastic stress-strain 
relationship for the checks against shear failure under minimum load. Thus, the design 
equations are similar. For sliding shear, the sustainable shear load according to DIN 1053-
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 Eq. 5-54 
where µ = 0.6 and fvk0 is cohesion which is referred to as !RHS in DIN 1053-1 (fvk0 = !RHS).  
Sliding Shear in DIN 1053-100 
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The values for the cohesion are equal in both codes and depend on the mortar type and 
whether the head joints are filled or unfilled to take into account the larger shear capacity 
of a wall with filled head joints according to the model of Mann & Müller (1973). The 
friction coefficient µ is generally considered to be 0.6 in the codes but is reduced by the 
factor 1/(1+µ) to account for possible rotation of the units as identified by 
Mann & Müller (1973). 
Diagonal Tension in (DIN 1053-1, -100) 
The following equations can be used to determine the shear capacity due to diagonal ten-
sion failure according to DIN 1053-100 and are based on Eq. 5-22. To convert these equa-
tions to DIN 1053-1, set !s,uncr = !s,cr = γv = 1.0 and γM = γgl = 2.0. The tensile strength of 
the unit fbt according to DIN 1053-100 is equal to "RZ in DIN 1053-1. Both depend on the 
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 Eq. 5-60 
Shear Crushing in DIN 1053-1 
For shear crushing, Eq. 5-61 and Eq. 5-62 can be used to compute the shear capacity ac-
cording to DIN 1053-1.  
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Shear Crushing in DIN 1053-100 
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Actually, this failure mode can only occur for very large axial loads and small overlap 
(u/hb < 0.4). Due to the pre-assumption of u/hb = 0.5, the overlap ratio was not included in 
the design of either DIN code. For masonry constructed of large-sized units, the regula-
tion for the overlap can be found in the general technical approvals. Generally, the check 
against shear crushing was not explicitly included in analytical form in both codes but 
was mentioned in figures. Nowadays, it can govern especially for large-sized masonry 
units because of the small overlap; that is why the overlap ratio is now supposed to be 
included in DIN EN 1996-1-1/NA which is also valid for small overlap ratios (u/hb ! 0.2) 
which will be explained in the following section. Another fact that makes this failure 
mode more important in the design according to more recent codes using the semi-
probabilistic safety concept are the larger design loads that are reached. 
5.5.3 Design Model according to DIN EN 1996-1-1/NA 
Although the Eurocode 6, in Germany referred to as DIN EN 1996, was released in 2005, 
there are currently two masonry design codes valid in Germany: DIN 1053-1 (1996) and 
DIN 1053-100 (2007), as dicussed in section 5.5.2. Recently, the code committees have 
been working on development of a new generation of the German design code DIN 1053 
(E DIN 1053-11, -12, -13) which, according to the latest information, will not become 
mandatory. Instead, some of the rules, especially the shear design, will be incorporated in 
the National Annex to Eurocode 6, DIN EN 1996-1-1/NA. The National Annex will be 
finalized and introduced in 2011. Thus, this section refers to the current version of 
DIN EN 1996-1-1 (2010) and the current draft of the National Annex DIN EN 1996-1-
1/NA (2011-01). However, further changes could still occur and it cannot be guaranteed 
that the the final version will be the same as what it used in the following study. In the 
following, the most current design model will be presented in the same normalized, non-
dimensional format as in the previous sections. 
Tip Over 
In case of tip over of the entire wall, the check was modified. DIN EN 1996-1-1/NA, 
clause 7.2 (4) stipulates a limitation on the resulting eccentricity e/lw to 1/3"lw for slender 
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walls with hw/lw ! 2.0 under the common load combination (see Eq. 5-45). The definition 
of the load combination is identical in DIN EN 1990 and DIN 1055-100. Consequently, 
the shear capacity according to DIN EN 1996-1-1/NA and DIN 1053-100 due to tip over 
of the entire wall are also identical and the limitation of the eccentricity to one third of the 
cross-sectional length is a clear indication that a linear-elastic stress-strain relationship is 
supposed to be assumed because this equals the maximum eccentricity of e/lw = 0.5 di-








v λ= ⋅  Eq. 5-65 
The shear design concept is based on the semi-probabilistic concept and the shear design 
model differentiates between the four possible modes of failure: tip over of the separate 
units, sliding shear, diagonal tension and crushing. 
Flexural Failure 
In addtion, a check against flexural failure of the wall has to be carried out; this check is 
identical to the check according to DIN 1053-100. 
The procedure for the check of the shear capacity in DIN EN 1996-1-1/NA is a little dif-
ferent to the DIN codes. Instead of always checking all failure modes, limits for the single 
failure modes are provided so that not all failure modes need to necessarily be considered. 
Sliding Shear 
Sliding shear is the only one that has to be checked in every case. The sliding shear ca-










 Eq. 5-66 
This is equal to the minimum value of the sliding shear resistance as suggested by Kranz-
ler (2008). The friction coefficient µ equals 0.6 since the minimum value refers to a slid-
ing failure of the entire wall and thus no slip of the units along the bed joints can occur. 
If larger values of the shear capacity are required, the sliding shear capacity may be de-
termined from a different equation. This equation is based on the model of 
Mann & Müller (1973) and was included similarly in the previous German code. Assum-
ing that sliding shear failure will occur under minimum load, the stress distribution is as-
sumed linear-elastic. Thus, the length under compression can be calculated from Eq. 5-67. 
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 Eq. 5-67 
From Eq. 5-67, we can derive the design equations for sliding shear failure in non-
dimensional, closed form. 
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   cross-section cracked Eq. 5-69 
1 01.25vk vkf f= ⋅  Eq. 5-70 
This value can be greater than the shear capacity according to Eq. 5-66, especially in case 
of large values of the cohesion fvk1, as it is the case for TLM. Consequently, application of 
this design equation can lead to more efficient design. 
Diagonal Tension 
The equation for diagonal tension failure is based on Jäger & Schöps (2004). Diagonal 
tension failure only has to be checked for squat and somewhat slender walls with λv ! 1.5 
for all kinds of masonry except AAC (Eq. 5-71) and for squat walls with λv ! 1.0 in case 
of AAC masonry. This differentiation is based on the different behaviour of AAC walls 
subjected to diagonal tension.  
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  for AAC Eq. 5-72 
1.2 0.85 btF f′ = + ⋅    fbt in N/mm² Eq. 5-73 
In case of AAC masonry with filled head joints, the capacity according to Eq. 5-72 may 
be increased by 15%. However, these equations were part of the latest draft of 
E DIN 1053-13 and were supposed to be included in DIN EN 1996-1-1/NA. Currently, a 
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ff δ ⋅=  Eq. 5-75 
where !, " and δi are the parameters presented in Table 5.5-1 and fb is the mean compres-
sive strength of the unit as provided in Table 4.5-1. 
Table 5.5-1 Parameters !, " and δi for the design according to DIN EN 1996-1-1/NA 
Type of unit ! " δi 
hollow block unit 0.24 
0.2 
0.025 
perforated unit 0.033 
units with grip holes 0.22 full blocks without grip holes 0.040 
AAC 0.21 0.32 0.082 
Shear Crushing 
Shear crushing failure has to be checked only if the overlap ratio u/hb ! 0.4, which is the 
case for most kinds of large-sized masonry, and if the axial force is considered large. 
Since this failure is most likely to happen under maximum load, the corresponding stress-
strain relationship is assumed fully-plastic. Eq. 5-77 represents the case with the entire 
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 Eq. 5-76 
With this relationship, the following equations for shear crushing can be derived.  
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Note the similarity to Mann & Müller’s model (see section 5.3.4.2). The main difference 
is the accounting for the overlap u/hb. 
Tip Over of the Separate Units 
This failure mode must only be checked if the units are tall (hb " lb). This kind of unit is 
not very common but large-sized units with hb/lb ! 1.0 are available. In such cases, the 
shear capacity due to tip over of the separate units can be determined from the following 
equation. 
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 Eq. 5-79 
This failure mode depends only on dimensions; material strength is not included and thus 
uncertainties linked to the material strength do not have to be taken into account. Hence, 
the factor K1 = 1.3 was included to account for this fact. The value of K1 = 1.3 comes 
from the definition of the partial safety factor γM = 1.5 in the German codes which is sup-
posed to be the product of a safety factor accounting for the model uncertainty and a safe-
ty factor for the material (γM = γmodel!γmaterial = 1.2!1.3 ≈ 1.5). 
5.5.4 Comparison of DIN 1053-1, -100 and DIN EN 1996-1-1/NA 
The models explained above yield different shear capacities. In the following, the capaci-
ties derived according to each model will be compared. In the study, the value of the axial 
dead load nGk was increased in steps of 0.01 to a value of nGk,max. This value depends on 
the safety factors of the respective code and the ratio of live-to-dead load. The ratio of 
live-to-dead load is q/g = 3/7 in every case; representing typical residential structures in 
Germany. The definition of nGk,max, normalized on the basis of fk, is presented in Eq. 5-80 
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   in case of global safety concept Eq. 5-81 
Table 5.5-2 Values of nG,max 
Code nG,max 
DIN 1053-1 0.298 
DIN 1053-100 0.284 
DIN EN 1996-1-1/NA 
For every value of the axial force, a corresponding maximum sustainable value of the 
horizontal force vEk is determined; this corresponds to changing the eccentricity of the 
axial force from maximum to minimum. 
The first wall that is examined is a squat (λv = 0.5) AAC wall. It can be seen that the dis-
tributions of the derived capacities are different. The reason for this is the predicted fail-
ure mode which is different according to every code. DIN EN 1996-1-1/NA predicts slid-
ing shear failure while the DIN 1053 codes predict diagonal tension for small axial load. 
The DIN 1053 codes lead to equal shear capacities in the case of diagonal tension failure. 
The equation for diagonal tension according to DIN EN 1996-1-1/NA gives larger shear 
capacities. The reason is the larger value of the tensile strength of the unit which is almost 
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double the value of DIN 1053-1 and DIN 1053-100. Figure 5-14 shows the distribution of 


















Figure 5-14 Shear capacity vEk vs. axial dead load nGk for a squat AAC wall (λv = 0.5) 
In case of CB (Figure 5-15), the tensile strength of the unit is underestimated in 
DIN EN 1996-1-1/NA (not the case in both DIN 1053 codes). Thus, the capacity due to 
diagonal tension according to DIN EN 1996-1-1/NA is smaller than the capacity accord-




















Figure 5-15 Shear capacity vEk vs. axial dead load nGk for a squat CB wall (λv = 0.5) 
A similar plot is drawn for CS walls (see Figure 5-16). For small axial load, the capacity 
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sion fvk1 (fvk1 = 1.25!fvk0). However, the design equation for diagonal tension failure leads 



















Figure 5-16 Shear capacity vEk vs. axial dead load nGk for a squat CS wall (λv = 0.5) 
In case of slender walls, flexural failure governs in most cases. The design according to 
DIN 1053-100 and DIN EN 1996-1-1/NA is equal for flexural failure and so are the ob-
tained capacities. However, for AAC (see Figure 5-17) and cases of low axial load, di-
agonal tension governs in case of DIN 1053-100 due to the aforementioned underestima-
tion of the tensile strength of the unit. The capacities determined from the National Annex 
lie in between the capacities of the German design codes. The linear slope of the line for 
low axial load corresponds to the failure mode tip over of the entire wall which governs in 
the case of DIN 1053-1. For high axial load, two failure modes limit the shear capacity 
according to DIN 1053-1: flexural failure under maximum axial load and shear crushing. 
This is the reason for the two sudden changes at nGk = 0.21 and nGk = 0.28. The generally 
greater capacity according to DIN 1053-1 is due to the application of the global safety 
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Figure 5-17 Shear capacity vEk vs. axial dead load nGk for a slender AAC wall (λv = 3.0) 
In case of CB and CS walls, diagonal tension does not govern over a large range of the 
axial load for slender walls; here, flexural failure governs for all three codes. This is illu-
strated in Figure 5-18 and Figure 5-19. 
It can be concluded that DIN 1053-1 generally leads to larger capacities than DIN 1053-
100. The capacities are similar when diagonal tension governs. DIN EN 1996-1-1/NA 
leads to larger capacities for sliding shear and - in case of AAC – for diagonal tension. 
However, DIN 1053-1 provides the highest capacities due to the application of the global 
safety factor on the strength. 
It is important to note the different idealisations of the structural system according to the 
codes. In DIN 1053-1 and -100, the shear wall is normally modelled as a building-high 
cantilever while in DIN EN 1996-1-1/NA, an overturning moment from the RC slabs can 
be taken into account and the shear wall can be modelled as a storey-high cantilever. 
Thus, in the DIN 1053 codes, larger values of the shear slenderness are likely to be consi-
dered in design than in DIN EN 1996-1-1/NA. However, the determination of an over-
turning moment will unlikely happen in practice. Since λv = hw/lw in this study, differenc-
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Figure 5-19 Shear capacity vEk vs. axial dead load nGk for a slender CS wall (λv = 3.0) 
In Figure 5-20, the influence of small overlap u/hb on the shear capacity according to 
DIN EN 1996-1-1/NA is shown. Small overlap leads to significant loss of capacity for 
large axial load. In the figure the shear capacity vEk versus the axial dead load nGK are 
plotted for the minimum required overlap of u/hb = 0.2 and u/hb ! 0.4. A reduction in ca-
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Figure 5-20 Shear capacity vEk vs. axial dead load nGk for a squat CB wall (λv = 0.5) for different 
overlap ratios u/hb 
5.5.5 Design Model according to SIA 866 
For completeness, the design model according to the Swiss design code SIA 866 will be 
explained briefly in this section. SIA 866 gives design rules for URM, reinforced masonry 
and prestressed masonry. It is based on the concept of partial safety factors. The corres-
ponding load combinations are similar to the ones in the DIN codes and the Eurocode 6. It 
is noteworthy that favourably acting dead load has to multiplied by a safety factor of 
γG = 0.8 while for unfavourably acting dead load the same safety factor as in the German 
and European codes (γG = 1.35) has to be applied. The safety factor on the material 
γM = 2.0 is significantly larger than in the German codes. In shear design, a major differ-
ence is that the cohesion is disregarded due to its large scatter and the large friction coef-
ficient µd = 0.6. Note, that the friction coefficient is already a design value incorporating a 
partial safety factor of 1.2. 
The Swiss code, however, represents an exception because the design model is based on a 
plastic stress-strain relationship. The method was proposed by Mojsilov-
ic & Schwartz (2006) and is also based on Ganz (1985), as discussed in section 5.3.4.1. 
Thus, the shear capacity vEd has to be determined from design diagrams provided in the 
code. Design equations are not provided. The parameters for the diagrams are the axial 
load nEd, the aspect ratio hw/lw and the horizontal compressive strength which depends on 
the unit and mortar type. 
u/hb ! 0.4 
u/hb = 0.2 
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5.6 Assessment and Model Uncertainties  
5.6.1 General 
Besides the applied loads, dimensions and strength parameters, the predicted load-
carrying capacity of a structural member depends on the prediction model used. For ex-
ample, consider the models for the determination of the compressive strength; as dis-
cussed in section 4.5.4, or the model for the wind load explained in section 3.5. No model 
can exactly represent and predict reality. Uncertainties, either resulting from effects that 
are not included in the model due to lack of knowledge or due to matters of simplifica-
tion, have to be assessed and quantified in an appropriate way and must be included in the 
reliability analysis in the next chapter as basic variables. The best way to quantify the 
stochastic properties is to compare the model to test data (see JCSS (2003)) by assessment 





Θ =  Eq. 5-82 
where vtest is the ultimate shear obtained in the test and vprediction is the maximum allowable 
shear force predicted by the respective model. 
In case of the assessed design models, all safety factors will be set to 1.0 and the meas-
ured properties are used, not the characteristic or design values according to the code. 
To eliminate stochastic uncertainties and obtain more realistic results although the sample 
size is limited, a Bayesian update will be performed subsequently. In the following sec-
tions, the model uncertainties for shear capacity prediction of URM walls will be deter-
mined. 
5.6.2 Test Data 
To determine the shear capacity of masonry walls, several test arrangements have been 
reported in the literature. A standard test arrangement is not available. However, tests are 
usually similar to some extent. A typical test setup is presented in Figure 5-21.  
The control of the axial force is very important. Due to overturning of the wall, the initial 
axial load increases significantly. Hence, the hydraulic actuators in the vertical direction 
need to be adjusted permanently to provide constant total axial load. This leads to differ-
ent forces in each actuator and so eccentricities can result on top of the wall. However, 
test data reported usually only includes the axial force at the point of failure and the cor-
responding horizontal load.  
 




Figure 5-21 Typical test setup for shear capacity 
Normally, shear tests are conducted within the application process for technical approval 
and these tests aim at efficiency. Therefore, the test data reported is often lacking the re-
quired detail for a proper stochastic assessment; in many cases only the masonry com-
pressive strength is reported, while the cohesion, friction coefficient and tensile strengths 
are not determined due to the laborious testing. Another important aspect is the small 
number of tests on identical specimens. Often only one single test on a wall specimen is 
carried out for a given masonry typology. In addition, material strengths of the units and 
mortar are rarely determined for every specimen but rather are determined once per batch 
of units. Other parameters like cohesion or friction coefficient are not determined in many 
cases. Therefore, only tests where the cohesion and tensile strength of the units were do-
cumented are included in the assessment of the model performance. The test data used 
herein for assessment of the model performance were taken from various sources (see 
Table 5.6-1). In total, 43 tests on CB specimens, 51 on AAC and 15 on CS were eva-
luated. A summary of the test data is provided in the Appendix. 
Besides the forces and material properties reported, the governing failure mode has to be 
identified. This is difficult, since the failure modes are not clear. The typical, theoretical 
crack patterns related to a failure mode do not necessarily show in the test. Normally, the 
failure modes are combined, e.g. cracks occur in the centre of the wall (diagonal tension) 
and propagate toward the corners of the wall. Therefore, failure modes have to be ques-
tioned and defined clearly. For example, Kranzler (2008) considered failure modes as 
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Table 5.6-1 Overview of test database 
Author Number of tests Material Comments 
Löring (2005) 10 
3 on CB, 3 on CS, 
2 on AAC, 2 on 
LDC 
- 
Jäger & Schöps (2004) 2 (1)a CS - 
Costa (2007) 4 AAC - 
Jäger & Schöps (2005) 18 AAC - 
Bojsilikov & Tomazevic 
(2005) 7 CB - 
Bojsilikov et al. (2004) 18 CB - 
Fehling & Stürz (2006a) 18 15 on CB, 2 on CS - 
Schermer (2007) 1 CS - 
Magenes (2007) 8 CS - 
Fehling & Stürz (2006b) 9 (8)a AAC - 
Höveling et al.(2009) 26 (18)a,b AAC 2 different test se-tups 
Gunkler et al. (2009) 10 (7)a KS - 
aNumber in parenthesis is the actual used number of tests in the assessment. 
bTests by the “alternative” test method could not be assessed. 
Here, failure modes had to be determined from the pictures of the specimens. This leads 
to more uncertainty that will be dealt with within the assessment. It was attempted to 
achieve more realistic modelling by comparing the test results with the prediction for a 
certain failure mode instead of the minimum value obtained from the prediction model. 
The reason for this is that the goal of the assessment is to identify the most realistic model 
for application in the reliability analysis in the next chapter. Therefore, the best partial 
models for single failure modes will be assembled into the model for the reliability analy-
sis. The test data indicated three failure modes: sliding shear, diagonal tension and flex-
ure. Shear crushing in terms of large diagonal compression exceeding the compressive 
strength of the masonry did not occur in the tests due to the low levels of axial loading. 
5.6.3 Comparison and Assessment 
For the reliability analysis in the next chapter, the best model - in terms of realistic predic-
tion of the shear capacity – has to be chosen. To assess the models, the data is clustered 
into different groups, depending on the unit material and the failure modes in the test. 
Then the predicted shear capacity of the various models is compared to the test result. 
This gives a set of data for the test-to-prediction ratio.  
A model is thought to show good performance if it neither under- nor overestimates the 
strength substantially and additionally exhibits small scatter. Overestimation of the shear 
capacity is indicated by test-to-prediction ratios smaller than 1.0 while values larger than 
1.0 denote underestimation of the capacity. CoV is again taken as the indicator for scatter. 
It becomes apparent that the models of Mann & Müller (1973) and the model according to 
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DIN EN 1996-1-1/NA show the best performance due to the smallest resulting CoV and 
means reasonably close to unity. The derived stochastic moments of the test-to-prediction 
ratio are summarized in the following table. These were determined by the method of 
moments described in section 2.4.2. 
Table 5.6-2 Stochastic properties of the test-to-prediction ratio by comparison with test data 
Failure Model Unit n m σ CoV 
Diagonal 
tension 
Mann & Müllera 
CS 3 1.01 0.17 16% 
AAC 39 1.09 0.20 19% 
CB 20 1.41 0.22 15% 
DIN EN 1996-1-1/NA 
CS 3 0.86 0.12 14% 
AAC 39 1.11 0.18 16% 
CB 20 0.96 0.08 9% 
Kranzler 
CS 3 0.80 0.12 16% 
AAC 39 1.15 0.28 24% 
CB 20 0.91 0.07 8% 
DIN 1053-100b 
CS 3 1.06 0.28 26% 
AAC 39 1.13 0.31 27% 
CB 20 1.39 0.121 15% 
Sliding 
shear 
Mann & Müllera 
CS 6 1.20 0.12 10% 
AAC 3 1.05 0.06 6% 
CB 3 1.47 0.10 6% 
DIN EN 1996-1-1/NA 
& Kranzler 
CS 6 1.00c 0.12 14% 
AAC 3 1.00c 0.08 9% 
CB 3 1.06 0.14 13% 
DIN 1053-100b 
CS 6 1.00 0.06 6% 
AAC 3 0.97 0.20 21% 
CB 3 1.45 0.10 7% 
Flexure ideal-plastic 
CS 5 0.93 0.07 7% 
AAC 7 1.04 0.09 9% 
CB 18 1.09 0.12 11% 
aideal-plastic stress-strain relationship 
bideal-plastic stress-strain relationship and no shear modification factor 
cset to 1.0 due to physical reasons 
Figure 5-22 and Figure 5-23 show the test-to-prediction ratio for every test grouped by 
unit material and failure mode. A list of all tests and required data can be found in the 
Appendix. 
















































Figure 5-23 Assessment of the Model according to DIN EN 1996-1-1 with test data 
In the assessment of the results, the failure modes that occurred in the test had to be iden-
tified. This is difficult since crack formations are not distinct; most tests show a combina-
tion of failure modes and thus the failure modes cannot be identified clearly. In addition, 
not every required material property and parameter was determined in every test. There-
fore, some parameters had to be estimated. A detailed summary of the obtained values 
can be found in the Appendix. 
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In the assessment of the tests, the number of available tests plays a major role. In case of 
diagonal tension failure of AAC and CB walls, a sufficient number of test results was 
found. In case of CS walls, only 3 walls that failed due to diagonal tension were reported. 
The number of tests reported for walls that failed in flexure can be considered sufficient 
for all materials while sliding shear only occurred in 3 tests on AAC and CB specimens 
and 6 tests on CS specimens. The uncertainties due to the small sample size make an up-
date necessary. 
As can be seen from the results in Table 5.6-2, diagonal tension of CS and AAC is mod-
elled best by the model of Mann & Müller (1973). The mean of the test-to-prediction ratio 
is close to 1.0 and the scatter is reasonable. The models of DIN EN 1996-1-1/NA and 
Kranzler (2008) overestimate the capacity. Keeping in mind that these numbers are based 
on only 3 tests, the reason is a shortcoming of the model of Mann & Müller: the effect of 
filled head joints is not taken into account. This leads to smaller capacities. Thus, it can be 
considered a coincidence that the model of Mann & Müller fits the results of these 3 tests 
well. In fact, 2 tests are underestimated while 1 test is overestimated. The model of 
DIN EN 1996-1-1/NA overestimates the capacity but has smaller scatter. The same holds 
for Kranzler’s model. At this point, it has to be mentioned that “under- and overestima-
tion” are not necessarily equal to smaller or larger design capacities according to the cor-
responding design methods since the important effects of the safety concepts as well as 
differently defined characteristic values do not affect this assessment. 
In case of sliding shear, the model of Mann & Müller shows good fit for AAC units, pro-
viding a mean of 1.05 and a very small coefficient of variation of 6%. It underestimates 
the capacity for CS and especially CB units. The reason for this lies in the calculation of 
the length under compression. In the assessment, the model of Mann & Müller was used 
taking into account a stress block, while the model of DIN EN 1996-1-1/NA uses a linear-
elastic stress distribution. This results in longer length under compression. The model of 
DIN EN 1996-1-1/NA shows overestimation of the test results for CS and AAC. The rea-
son for this is the minimum value of the sliding shear capacity in Eq. 5-66 (v = µ!N) that 
leads to overestimation of the shear capacity. Considering the fact that this minimum val-
ue is based on a physical axiom, it becomes clear that the overestimation must come from 
the friction coefficient. The friction coefficient is normally derived from small-scale tests 
and thus does not represent the situation in a full-scale wall. In the tests on CS, especially 
the tests that were part of the ESECMaSE project (ESECMaSE (2004)), the friction coef-
ficient was not determined for every wall. Instead, the material properties were deter-
mined on small-scale specimens before performing the tests in different labs. Therefore, 
accuracy of this parameter cannot be expected. Accordingly, the mean for the model of 
DIN EN 1996-1-1/NA for sliding shear will be set to 1.0. The coefficient of variation re-
mains unchanged; the standard deviation increases to a value of 0.14 for CS and 0.09 for 
AAC. The model of DIN 1053-100 gives good results for CS and AAC as seen in Table 
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5.6-2. Since it is based on the model of Mann & Müller, the results are similar for both 
models. The underestimation of the shear capacity for CS units by the Mann & Müller 
model is not detected for the DIN 1053-100 model and the scatter is smaller (6%). The 
difference to the model according to Mann & Müller comes from the influence of the unit 
format that is not taken into account in the DIN 1053-100 model. Note, that the shear 
modification factor according to DIN 1053-100 has not been applied since it is not a 
scientifically based factor. 
For the assessment of the tests that failed due to flexure, the capacity was calculated on 
the basis of a stress block corresponding to fully-plastic material behaviour. This model 
shows good performance for all materials. 
5.6.4 Determination of Model Uncertainties 
In the previous section, prediction models for the shear capacities related to the different 
failure modes were assessed and shown to fit quite well with test data. However, this as-
sessment did not include some important aspects and the uncertainty is different from the 
numbers in Table 5.6-2 indicate. The main sources of uncertainty are the estimates of the 
material properties and the identification of the failure mode. Other potential sources for 
greater uncertainty are e.g. different production quality from lab to lab and differences 
between the material properties converted from small scale to large scale and, most im-
portantly, the uncertainties due to the limited amount of test data. Therefore, updating 
becomes necessary and hence, prior information is required. Prior information derived 
from a specified number of tests, as was used for the update of the tensile strength of the 
unit in section 4.5.5, is not available. However, prior values derived from expert opinions 
are available based on experience with similar materials or similar models and will be 
used to determine the prior distribution. The prior information is summarized in the fol-
lowing table. 
Table 5.6-3 Prior information for the update of the model uncertainties 
Material Failure mode m CoV Source 
all shear in general 
1.20a 25%a JCSS (2003) 
1.35b 16%b Löring (2005) 




Glowienka(2007) AAC 1.00 14% 
CB 1.00c 20%c 
aestimated from experience with concrete 
bestimated from experience with reinforced masonry 
cestimated based on CS and AAC units 
In the next step the update is performed for all models and the parameters provided in 
Table 5.6-2. The values for the shear failure modes were updated using the same prior 
information. The model for flexure was updated for all materials using different prior 
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information. The updated and converted stochastic parameters are presented in Table 
5.6-4. 
Table 5.6-4 Stochastic properties of the models, converted to normal space, after the update 
Failure mode Model Unit m σ CoV 
Diagonal 
tension 
Mann & Müllera 
CS 1.21 0.25 21% 
AAC 1.12 0.22 20% 
CB 1.40 0.23 16% 
DIN EN 1996-1-1/NA 
CS 1.15 0.28 24% 
AAC 1.14 0.20 18% 
CB 1.03 0.18 18% 
Kranzler 
CS 1.12 0.30 27% 
AAC 1.17 0.27 23% 
CB 0.99 0.19 19% 
DIN 1053-100 
CS 1.23 0.27 22% 
AAC 1.15 0.30 26% 
CB 1.39 0.23 16% 
Sliding shear 
Mann & Müllera 
CS 1.27 0.21 17% 
AAC 1.23 0.24 19% 
CB 1.41 0.24 17% 
DIN EN 1996-1-1/NA 
CS 1.15b 0.24 21% 
AAC 1.21b 0.25 20% 
CB 1.24 0.24 20% 
DIN 1053-100 
CS 1.15 0.22 19% 
AAC 1.12 0.27 23% 
CB 1.40 0.24 17% 
Flexure ideal-plastic 
CS 1.00 0.18 18% 
AAC 1.05 0.16 15% 
CB 1.10 0.20 18% 
aideal-plastic stress-strain relationship 
b
updated with a mean of 1.0 (Likelihood) 
It can be seen that the scatter of all models for sliding shear is within a range of 17%-23% 
while most models give a scatter of about 20%. The mean values are larger than 1.0. Due 
to the large differences in the number of available tests (see Table 5.6-1), the influence of 
the prior information was different in every case. There was a large influence on the re-
sults derived from a small numbers of tests and vice versa. 
In general, the stochastic properties indicate that the models give reasonable results and 
are appropriate for reliability analysis. However, the stochastic properties are similar for 
many models which makes choosing models for the reliability analysis in chapter 6 diffi-
cult. On the other hand since the models all showed good performance, with little excep-
tion, the choice will not result in major differences in the reliabilities obtained. 
From here, the model uncertainties for sliding shear, diagonal tension and flexure can be 
determined. Only the model uncertainty for the prediction of the shear capacity due to 
shear crushing remains unknown. Tests that exhibited this failure mode are not available 
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because of the large axial loads that have to be applied to cause this failure mode. There-
fore, the model uncertainty has to be estimated. Considering the similarity to flexural fail-
ure, the stochastic moments of the model uncertainty for shear crushing are estimated 
with a mean of 1.0 and a standard deviation of 0.2. Also, the DIN EN 1996-1-1/NA 
(2010-10) model is considered to be appropriate because it is basically Mann & Müller’s 
model but includes consideration of the overlap. 
5.7 Summary 
Chapter 5 introduces the reader to the methods of shear capacity prediction of masonry 
walls subjected to in-plane shear. In the first sections, the most common approaches as-
suming linear-elastic stress-strain distribution are presented. The failure modes that are 
related to shear failure and the corresponding models are explained. Models based on 
plastic limit analysis are also mentioned and briefly discussed but are not considered use-
ful for the subject of this thesis. 
The models presented range from scientific models such as Mann & Müller (1973) and 
Jäger & Schöps (2004) to design models from various codes. The models are introduced 
and non-dimensional design equations are provided. 
For the reliability analysis in chapter 6, a realistic prediction model is required. Prediction 
models come with uncertainty since not every influence or aspect can be included in a 
model and every model is subject to a certain degree of simplification. A variety of pre-
diction models for the shear capacity are provided and discussed; German and interna-
tional design models are part of the assessment as well as scientific models. The models 
are assessed with test data in order to identify the most realistic model. The model of 
Mann & Müller and the model of DIN EN 1996-1-1/NA are found to match the test data 
most accurately in case of sliding shear and diagonal tension depending on the unit ma-
terial. For flexural failure, prediction on the basis of an ideal-plastic stress-strain relation-
ship showed good agreement with the test data. Since the assessment of the tests is very 
uncertain due to limited number of samples and further sources of uncertainty, a Bayesian 
update is performed applying prior information in the form of expert opinions. By per-
forming the update, the stochastic properties of the prediction models could be specified 
and enhanced. 
From the obtained stochastic parameters, the model for the reliability analysis that follows 
was assembled by choosing the parts of the investigated models that showed best perfor-
mance. Thus, different models are used for every unit material and failure mode. Table 
5.7-1 summarizes the results. However, the stochastic model for shear crushing had to be 
estimated since test data is not available. The new set of prediction equations is believed 
to represent the behaviour of URM shear walls realistically and consequently is an appro-
priate basis for reliability analysis in chapter 6. 
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Table 5.7-1 Summary of the stochastic models of the model uncertainties 
Failure mode Unit Model Dist. m σ CoV 
Diagonal tension 
!dt 
CS Mann & Müller 
LN 
1.21 0.25 21% 
AAC DIN EN 1996-1-1/NA 1.14 0.20 17% CB 1.03 0.18 17% 
Sliding shear 
!s 
CS DIN EN 1996-1-1/NA 1.15 0.24 21% 
AAC Mann & Müller 1.23 0.24 20% 





1.00 0.18 18% 
AAC 1.05 0.16 15% 
CB 1.10 0.20 18% 
Shear crushing 
!c 
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6 RELIABILITY OF URM WALLS SUBJECTED TO IN-PLANE 
SHEAR 
6.1 Introduction 
In the design process of structures, many uncertainties in the form of basic variables are 
involved. Due to matters of simplicity, the uncertainties are taken into account by using 
supposedly conservative design values of loads and material properties. In contrast to this 
deterministic design approach, the basic variables can be formulated by means of stochas-
tic methods. If the stochastic properties of the basic variables are known, the theoretical 
failure probability and thus the structural reliability of the single member and the entire 
structure can be computed with the methods described in section 2.5. The failure proba-
bility is only theoretical since human errors and deviations in execution are not taken into 
account. In addition, the stochastic quantification of the basic variables is difficult and not 
all influences can be included in the limit state function, such as e.g. the quality of the 
design process or workmanship. Therefore the term “structural reliability” refers to an 
operative value that is only influenced by material, loads and design models. It only 
represents a quantity to evaluate and compare different structures and construction me-
thods.  
While failure of walls subjected to out-of-plane flexure is not necessarily followed by 
collapse of the structure, failure of the bracing shear walls possibly is. Masonry shear 
walls are the major lateral load-carrying elements in masonry structures. In this chapter, 
the reliability of masonry shear walls designed according to DIN 1053 and DIN EN 1996-
1-1/NA will be determined using analytical models. The goal is the determination of the 
provided reliability of masonry shear walls in the past as a measure for the societally ac-
cepted minimum reliability.  
6.2 General 
To be able to assess the reliability of a member, the reliability must be related to design 
according to standards. DIN EN 1990 provides target reliabilities for all members inde-
pendent of the material. According to this, members designed following the German de-
sign codes must exhibit the defined target reliabilities in their limit state. In the following 
study, members will be designed in such a way that the cross-section is completely uti-
lized. For flexural members, this is an overly conservative assumption since walls are 
commonly thicker than necessary to satisfy non-structural building envelope require-
ments. In case of shear walls, this is not the case since the length of the members - which 
is not affected by building envelope issues – is the governing parameter and consequently 
slender walls might be utilized to 100%. 
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Since the application and typology of masonry members is extremely varied, a representa-
tive sample of masonry members has to be chosen. The chosen members are summarized 
and presented in section 6.4. The reliability will be determined for the design according to 
the two currently available codes in Germany (DIN 1053-1, DIN 1053-100) and the cur-
rent draft of the upcoming National Annex to Eurocode 6, DIN EN 1996-1-1/NA. This 
will make it possible to compare the currently available level of reliability of masonry 
shear walls and the probable future level. However, the draft has not been finalized yet; 
changes are still possible. 
For the reliability analysis, limit state functions for the respective failure modes (see 
chapter 5) were derived and will subsequently be used to determine the reliability of the 
respective members. Figure 6-1 outlines the procedure for the reliability analysis. The 
reliabilities obtained will then be assessed and analysed.  
 
Figure 6-1 Procedure forReliability Analysis 
The calculation of the failure probability and reliability will be carried out using COM-
REL (RCP (2004)), a commercial software for reliability analysis. For more information 
on the method of analysis see section 6.6.4. 
The reliability analysis will be conducted for single members. It is assumed that failure of 
the single member is directly followed by failure of the entire structure. This is a conserv-
ative assumption since masonry structures usually have some structural redundancy and 
the potential for redistribution of loads to less utilized members. Even if the bracing sys-
tem is assumed to be statically determinate, there will be members that contribute to the 
bracing that were not considered in the structural model. Even the loss of entire members 
can possibly be compensated for if the remaining structure can carry the loads because of 
plastic reserves in the load-carrying capacity. Therefore, the reliability determined in this 
Design wall according to design code for ULS 
for a set of parameters 
Derive corresponding horizontal load vEk to 
axial load nGk (100% utilization of the wall) 
Model wall in COMREL 
Calculate probability of failure Pf, reliability 
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chapter gives the lower limit of the reliability; true reliability of the structure will likely 
be larger. A general quantification of these effects is difficult and impossible at this point.  
6.3 Structural System 
The structural system plays a major role in the stochastic modelling. The most common 
approach to modelling the bracing system in practice is the simplifying assumption of 
considering each wall as a building-high cantilever that is subjected to horizontal load at 
the top of the wall. This was the preferred system according to DIN 1053-1 and 
DIN 1053-100. However, this does not account for a possible over-turning moment from 
the concrete slabs. Kranzler (2008) therefore converted the shear wall with an eccentricity 
of the axial load at the top of the wall to an equivalent wall without eccentricity as shown 
in Figure 5-2. This approach is part of the design model of DIN EN 1996-1-1/NA and was 
described in more detail in section 5.5.3.  
For the reliability analysis, the relevant range of λv has to be known; especially the maxi-
mum value, since representing very slender walls is important. It is assumed that the most 
critical situation is present in the case of townhouse complexes. The reason for this is the 
fact that normally windows cannot be inserted in the two shared walls of a typical town 
house. Thus, large windows have to be inserted into the two other walls including a large 
window/door-opening at the ground floor. This leads to little space for bracing walls, and 
inside the house usually only the staircase walls can actually be considered as bracing 
elements in the lateral direction. Figure 6-2 shows the typical dimensions of a townhouse 
in Germany and the corresponding values of λv = hw/lw. The shortest walls are about 1.0 m 
long. Estimating the typical storey height to be approx. 3.0 m, the upper value of 
λv = hw/lw becomes λv = 3.0. However, this requires concentric axial loads at the top of 
every wall. Slender members will likely fail in flexure and flexural failure will also go-
vern the design. In this case, the eccentricity is limited and thus no changes in the reliabil-
ity distribution for very slender walls are expected. This will be verified in section 6.7. 
However, this upper limit is thought to represent all common cases of slender walls in 
residential and office masonry buildings. The minimum value, λv = 0.25 corresponds to a 
wall with a length of four times the height. 




Figure 6-2 Typical floor plan dimensions of a townhouse in Germany according to Meyer (2005) 
6.4 Masonry Members to be Examined 
A survey of masonry designers, producers and experts revealed that although the range of 
typology of masonry is large, there are actually only a small number of unit-mortar-
combinations with practical relevance in Germany. These will form the basis for this 
study. In addition, the range in wall geometry must also be limited to a certain extent. By 
performing the analysis using a non-dimensional probabilistic model (see section 6.6.2), 
the geometry can be reduced to one single parameter, the shear slenderness ratio λv. This 
parameter will be studied in the range of λv = {0.25; 0.5; 1.0; 2.0; 3.0} to account for 
common masonry design practice. The study parameters are presented in Table 6.4-1. 
Table 6.4-1 Reliability Study Parameters 
Unit Compressive Strength of unita Mortar Comments Range 
CS 20 TLM full block (grip holes) λv = {0.25;0.5;1.0;2.0;3.0} 
nGk = 0.01-nGk,max 
AAC 4 TLM full block 
CB 12 GPMb hollow brick 
acorresponding to the categories of compressive strength according to DIN 1053-1 
bGPM IIa according to DIN 1053-1 
λv = 1.0 
λv = 1.5 
λv = 2.3 
storey height hw = 3.0 m 
ψ = 1.0 
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In total, 425 walls are examined. In addition, walls with special properties, e.g. small 
overlap u/hb, will complete the study. 
6.5 Design Check 
All walls will be designed according to DIN 1053-1, DIN 1053-100 and DIN EN 1996-1-
1/NA, respectively. The design models were described and analysed in sections 5.5.2 and 
5.5.3. However, the following table summarizes some of the properties and differences of 
the design models that affect the load-carrying capacity. 
Table 6.5-1 Comparison of the design models 
Aspect DIN 1053-1 DIN 1053-100 DIN EN 1996-1-1/NAa 







level of check stress force force 
diagonal tension 
model 
based on Mann & 
Müller (1973) 
based on Mann & 
Müller (1973) 
based on Jäger & 
Schöps (2004) 
location of check toe of the wall toe of the wall toe and mid-height of the wallb 
application of the 
safety factors on strength
c
 
on load and 
strength on load and strength 
cohesion !RHS = fvk0 fvk0 fvk1 = 1.25!fvk0 
acurrent draft 
bdepending on the failure mode 
cformally wrong but common in design practice 
Different load combinations have to be considered in the design due to the fact that axial 
load can act favourably and unfavourably. In case of sliding shear and diagonal tension, 
axial load acts favourably. Hence, only dead load is considered for these failure modes 
since the sustained live load which can be considered in ultimate limtit state design is 
small (see Glowienka (2007)). In case of shear crushing, axial loads act unfavourably, so 
both dead and live loads are considered. For flexural failure, two load combinations 
representing minimum axial load (only dead load) and maximum load (dead and live 
load) have to be considered. Of course, wind load always acts unfavourably because it is 
independent from the axial load and thus the maximum wind load can always occur at any 
level of axial load and increase the bending moment. The matrix of partial safety factors 
considered in the design according to DIN 1053-100 for the reliability analysis is dis-
played in Table 6.5-2. 
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Table 6.5-2 Failure modes and corresponding partial safety factors in the design according to 
DIN 1053-100 
Failure mode γG γQ γw 
Sliding shear 1.0 0 1.5 
Diagonal tension 1.0 0 1.5 
Shear crushing 1.35 1.5 1.5 
Flexure (min) 1.0 0 1.5 
Flexure (max) 1.35 1.5 1.5 
Tip overa 1.0 0 1.0 
aserviceability limit state 
6.6 Reliability Analysis 
6.6.1 General 
The equations used in the following are normalized to give comparable, non-dimensional 
results. The normalization is carried out by the same method as described and applied in 
section 5.5.1. The axial and horizontal force will be divided by the characteristic value of 
the masonry compressive strength. Since the level of reliability according to the three 
codes will be determined and compared, the same strength has to be used in every case. 
Here, the characteristic value of the compressive strength according to DIN EN 1996-1-
1/NA is used. The absolute value of this quantity does not have an influence on the find-
ings of the study; it only represents a mutual standard. In general, the quantities are for-
mulated as in Eq. 5-41 and Eq. 5-42. 
6.6.2 Limit State Function and Probability of Failure 
The analytical prediction model for the shear capacity that forms the basis of the limit 
state function has to be the most realistic model available. The best model is the model 
that provides the model uncertainty, with the smallest coefficient of variation and, ideally, 
a mean close to 1. It does not have to be similar to the chosen design models. 
The available models were described and assessed in chapter 5. In section 5.6, the models 
were assessed against test data and the corresponding model uncertainties were deter-
mined. It was found that the models of Mann & Müller (1973) and DIN EN 1996-1-1/NA 
show the most agreement with the test data depending on the unit material and failure 
mode (see Table 5.7-1). Thus, the limit state function has to be formulated differently for 
every unit material and every failure mode. The failure modes considered are: 
! Sliding shear (minimum axial load) 
! Diagonal tension (minimum axial load) 
! Crushing (maximum axial load) 
! Flexural failure (minimum and maximum axial load) 
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The main difference between the prediction models described in chapter 5 and the proba-
bilistic model is the insertion of the model uncertainties Θi as basic variables. In general, 
model uncertainties can be applied as factors or summands (see JCSS (2003)). Here, the 
model uncertainties will be inserted as factors. The limit state function in the general form 







































 Eq. 6-1 
In this equation, vE refers to the mean sustainable shear load at the ultimate limit state 
derived from the shear loads vEk according to the different codes (see chapter 5). The 
mean shear resistances vR are calculated using Eq. 6-2 through Eq. 6-11. 
As previously mentioned, the most appropriate model for the prediction of the shear ca-
pacity vR,i has to be applied in each particular case. The best models for every failure 
mode and every material were identified in the previous chapter and were summarized in 
Table 5.7-1. The relevant limit state functions for every case follow in Eq. 6-2 through 
Eq. 6-11. 
First, the model for flexural failure based on a fully-plastic stress-strain relationship is 
presented which is equal for all unit materials investigated. 
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As determined in section 5.6, the models of Mann & Müller (1973) and DIN EN 1996-1-
1/NA describe the capacities due to sliding shear and diagonal tension quite well. The 
minimum shear strength v = µ!n, as suggested by Kranzler (2008) based on the second 
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 Eq. 6-7 
Likewise, the equations for the capacities due to sliding shear and diagonal tension based 
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The final equation is the equation for shear crushing. It is based on the model of 
Mann & Müller and takes into account different values of the overlap u/hb. The corres-
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6.6.3 Stochastic Model 
The stochastic properties of the basic variables were determined in the previous chapters. 
For clarity, the entire stochastic model is summarized in Table 6.6-1. 
Note that the mean of the basic variables is the ratio of mean-to-characteristic of the ac-
tual quantity. To derive the actual quantity, this ratio must be multiplied by the characte-
ristic value. For example, the means of the shear load vE and the dead load nG can be 




















 Eq. 6-13 
where nGk is the deterministic characteristic value of the axial dead load and the ratio in 
parenthesis is a random variable and can be taken from Table 6.6-1. 
Table 6.6-1 Summary of the stochastic model 












AAC 1.81 16% 
CB 1.43 17% 
Tensile strength of unit fbt 
CS 1.84 26% 
AAC 1.55 16% 
CB 1.31 24% 
Cohesion fv0 TLM 2.14 35% GPM 3.57 40% 
Friction Coefficient µ all 1.33 19% 
Model uncertainty sliding shear Θs 
CS 1.15 21% 
AAC 1.23 20% 
CB 1.24 19% 
Model uncertainty diagonal tension Θdt 
CS 1.21 21% 
AAC 1.14 17% 
CB 1.03 17% 
Model uncertainty crushing Θc all 1.00 20% 
Model uncertainty flexure Θf 
CS 1.00 18% 
AAC 1.05 15% 




Model uncertainty on the shear load ΘE,v 
all 
1.00 10% 
Model uncertainty on the axial load ΘE,a 1.00 5% 
Wind load va,b Weibull 1.03 7% 
Live load nQa Gumbel 1.10 20% 
Dead load nG N 1.00 6% 
aobservation period of 50 yrs 
bτ = 0.073 
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6.6.4 Method of Analysis 
Generally, several methods of analysis are possible (see section 2.5.3), however, the sim-
plified methods, FORM and SORM, are very efficient and less time-consuming than nu-
merical procedures such as MCS. They also allow for the determination of sensitivity 
factors which simplify the sensitivity analysis. However, in this case a system of limit 
state functions is existent; one for every possible failure mode. This requires a special 
procedure for the determination of the failure probability. 
For a system of 4 limit state functions g(x)i = {g(x)1,…, g(x)4}, Figure 6-3 illustrates the 
situation by use of a tree diagram and also shows the typical functions and corresponding 
overlaps in normal space, (also see Figure 2-4). 
 
Figure 6-3 System of Limit State Functions 
Ideally, MCS should be used to account for the different limit state functions at the same 
time and to exclude the overlap of the functions. Here, a different approach is chosen to 
save computation time and to obtain sensitivity values. SORM is used for every single 
limit state function, so that the probability of exceeding the limit state for every single 
failure mode is determined. The probabilities of failure for each load situation are then 










failure mode 1: g(x)1, Pf,1 
failure mode 2: g(x)2, Pf,2 
failure mode 3: g(x)3, Pf,3 
failure mode 4: g(x)4, Pf,4 
Summing up Pf,i
leads to overlap 
Pf = shaded area 
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, , , ,
= + + +f f sliding f diagonal f flexure f crushingP P P P P  Eq. 6-14 
This gives a maximum value of the probability of failure of the system of limit state func-
tions since the overlap of the different limit state functions is not deducted from the sum 
of failure probabilities. A comparison with MCS where the overlap is deducted for se-
lected cases showed only negligible differences to the results obtained with SORM. Con-
sequently, the obtained failure probabilities represent the failure probability of the system 
very well and SORM was chosen as method of analysis. The probability of failure 
Pf = ΣPf,i is then used for calculation of the reliability index ! according to Eq. 2-65.  
6.7 Theoretical Reliability of Masonry Shear Walls Subjected to Wind Load 
6.7.1 General 
In the following, the reliability of typical masonry used in practice in Germany, past and 
present, will be determined. Therefore, unless otherwise noted, the overlap will be set to 
u/hb ! 0.4 and the unit format is hb/lb " 1.0. Here, the term reliability refers to the theoret-
ical reliability assuming full (100%) utilization of the cross-section. 
6.7.2 DIN 1053-1 
The reliability of masonry walls generally depends on a large number of basic variables 
which are related to resistance, loads and model uncertainties. In the previous chapters, 
the basic variables were determined and stochastic models were derived. These models 
will not be varied in the following study since they are valid for every wall. The main 
parameter of the study is the deterministic shear slenderness λv (see section 6.3). Varia-
tion of this parameter allows for the modelling of squat and slender walls. The formula-
tion of the structural system using the parameter λv has another positive effect on the re-
liability analysis: the wall gets converted into a wall with concentric axial load and hori-
zontal load acting on top of the wall so that the bending moment at the toe of the wall is 
independent of the axial load. Bending moment and axial load are therefore uncorrelated 
since they are caused by different physical effects that act perpendicularly to each other.  
In Figure 6-4, the reliability index ! determined in the probabilistic analysis and the sus-
tainable shear load vEk according to DIN 1053-1are plotted versus the axial dead load nGk 
and the expected failure mode is indicated. Since the axial dead load nG can be computed 
from the characteristic value nGk, it is possible to use the latter as mutual parameter and to 
plot it on the x-axis in order to compare the code design and the results obtained for the 
reliability. The failure mode predicted from the reliability analysis is the failure mode that 
yielded the largest probability of failure. The slenderness of the wall is λv = 3.0. 
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The target region of reliability is in between the recommended values of !t = 3.8 
(DIN EN 1990) and !t = 3.2 (JCSS (2001)). It can be seen that the reliability falls below 
the minimum target value for all values of nGk in the practically relevant range (further 
referred to as “practical range”) from nGk = 0.05 − 0.20. 
,
0.05 0.20Gk relevantn = −  Eq. 6-15 
Considering the corresponding partial safety factors, durability factor and a ratio of live-
to-dead load of 3/7, a value of nGk = 0.2 corresponds to a utilization of the axial (fully-
plastic) capacity of the cross-section of 70% (dead and live load) or 50% (dead load on-
ly). These values are almost never reached in common masonry construction. Most mem-
bers will actually be within the range of nGk = 0.05 − 0.15. For high axial load, the relia-
bility increases suddenly to values of over ! = 5.0. The reason for the sudden rise lies in 
the design according to the code; while the code predicts that the capacity due to flexural 
failure governs for nGk = 0.19−0.28, according to the probabilistic model, diagonal tension 
governs in this region. The reason for this difference is the relatively conservative ap-
proach to diagonal tension capacity in DIN 1053-1. When the capacity according to the 
code starts to decrease, the capacity according to the probabilistic model is still increasing 
due to the less conservative approach to the tensile strength of the unit and the decreasing 















Figure 6-4 Reliability index ! and sustainable shear load vEk vs. axial dead load nGk for a CS wall 
with λv = 3.0 (designed according to DIN 1053-1) 
Note, that different failure modes are predicted according to the code design and the re-
liability analysis. The reason for this is the stochastic treatment of the variables in the 









tip over diagonal tension flexure (max) 
flexure (min) diagonal tension flexure (max) 
crushing Target region 
reliability index ! 
shear capacity vEk according to DIN 1053-1 
CS 20/TLM 
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smaller in the reliability analysis than the characteristic value in the code due to the large 
scatter. This leads a larger range where diagonal tension governs in the reliability analysis 
compared to the code design. In addition, the model uncertainties influence the derived 
capacities and thus change the relevant ranges for the failure modes. 
The distribution of the reliability index ! and the corresponding distribution of the eccen-
tricities e/lw are plotted versus the axial dead load nGk in Figure 6-5. The eccentricity e/lw 
represents the effect of slenderness and the ratio of horizontal to axial load and thus is a 
measure for the length under compression. In the following, the term “eccentricity” refers 






λ= ⋅  Eq. 6-16 
It is observed that large eccentricities generally lead to low reliability. It can also be seen 
that the slope of the distribution of reliability changes with the slope of the distribution of 
eccentricity. The range of nGk where tip over of the entire wall governs occurs for con-
stant eccentricity while the other failure modes lead to varying slope of the distribution. In 















Figure 6-5 Reliability index ! and eccentricity e/lw vs. axial dead load nGk for a CS wall with 
λv = 3.0 (designed according to DIN 1053-1) 
Table 6.7-1 shows a selection of sensitivity values for the slender CS wall. It can be seen 
that the model uncertainties are the important basic variables for minimum axial load. In 
case of maximum axial load, the model uncertainty is unimportant; the corresponding 
failure modes are governed by the compressive strength of the masonry. The results are 
sensitive to the wind load in every case of minimum axial load but not in the case of max-





reliability index ! 
eccentricity e/lw 
flexure (min) diagonal tension flexure (max) 
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mains under compression and thus the horizontal load is less influential. In this case, the 
axial load is the most important load and thus the live load becomes important due to the 
large scatter. However, the jump occurs in a region of very high axial stress due to dead 
load which does not represent common conditions in masonry construction. 
Table 6.7-1 Select sensitivity values for a CS wall with λv = 3.0 
nGk e/lw FMa ! "Θs "Θdt "Θc "Θf "ΘE "nG "nQ "v "fm "ft "fv0 "µ 
0.01 0.33 F 1.97 - - - 0.84 -0.00 0.33 - -0.44 0.01 - - - 
0.10 0.31 F 1.70 - - - 0.84 -0.04 0.31 - -0.44 0.07 - - - 
0.19 0.25 DT 2.35 - 0.87 - - -0.09 0.21 - -0.36 - 0.23 - - 
0.20 0.23 DT 2.55 - 0.87 - - -0.09 0.21 - -0.36 - 0.24 - - 
0.28 0.10 F 5.50 - - - 0.14 -0.37 0.13 -0.34 -0.07 0.82 - - - 
0.29 0.07 F 5.90 - - - 0.10 -0.37 -0.13 -0.39 -0.04 0.83 - - - 
aFM=Failure Mode (S = sliding; DT = diagonal tension; C = crushing; F = flexure) 
As expected for a slender wall, flexural failure under minimum load limits the reliability 
for low levels of axial load. The reliability obtained is significantly less than ! = 2.0 for 
nGk ! 0.1. However, the average value within the practical range is ! ≈ 2.0. 
For squat walls, a change of the failure modes is expected. Flexural failure is unlikely to 
occur while sliding shear and especially diagonal tension are expected to govern. The 
reliability for a squat CS wall with λv = 0.5 is presented in Figure 6-6. In contrast to the 
slender wall, the reliability of the squat wall is within or above the target region over the 
practical range. Sliding shear failure governs in the code design but in the probabilistic 
analysis, diagonal tension mostly governs. This leads to a curved reliability distribution in 
the range of nGk = 0.01−0.10. The average reliability over the practical range is ! = 3.9. 
In Figure 6-7, the distribution of eccentricity is compared to the distribution of reliability 
for a squat CS wall in the same way as in Figure 6-5. Again, it can be seen that large ec-
centricity leads to small reliability. However, the eccentricity is generally smaller than in 
the case of slender walls; large values of the shear slenderness λv lead to higher eccen-
tricity. 
 





















Figure 6-6 Reliability index ! and shear resistance vEk vs. axial dead load nGk for a CS wall with 
















Figure 6-7 Reliability index ! and eccentricity e/lw vs. axial dead load nGk for a CS wall with 
λv = 0.5 (designed according to DIN 1053-1) 
Figure 6-8 shows the reliability versus the axial load for various values of the shear slen-
derness λv. The tendency for higher reliability in squat walls is obvious (λv small ! ! 
large). A jump in reliability can be detected at the change from slender to squat walls. The 
cause for this jump is the increasing influence of the wind load on the eccentricity due to 
the large value of λv which represents the slope of the eccentricity (see Figure 6-9). This 
reliability index ! 
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means, the eccentricity for a given combination of horizontal and axial load is larger for a 
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Figure 6-8 Reliability index ! vs. dead load nGk for different values of the shear slenderness λv for 
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Figure 6-9 Eccentricity e/lw for different values of λv = hw/lw 
Figure 6-10 shows the reliability index ! versus the eccentricity e/lw for various CS walls 
with different values of the shear slenderness. It can be seen that for one value of the ec-
centricity the reliability can vary dependent on the slenderness ratio (other values of relia-
bility for the same eccentricity). This occurs in case of slender walls when tip over of the 
entire wall governs. At an eccentricity of e/lw = 0.33, several values of the reliability for 
λv = 3.0 can be obtained. The eccentricity for these values is equal, just the absolute 
amount of dead load is larger. Consequently, the reliability is different although eccentric-
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ity and failure mode remain unchanged. Furthermore, it can be seen that there is a “pre-
ferred” range of eccentricity for every slenderness λv, indicated by the higher density of 















Figure 6-10 Reliability index ! vs. eccentricity ratio e/lw for different values of the shear slenderness 
λv for CS walls (designed according to DIN 1053-1) 
In the case of the other unit materials, similar results are obtained. The distribution of the 
reliability versus the axial dead load for CB walls is similar to the CS walls (see Figure 
6-11). However, the average level of reliability for the slender CB wall is ! ≈ 2.1 in the 
practical range. The reason for the more constant distribution is the relatively large tensile 
strength of the unit compared to the compressive strength: Diagonal tension does not go-
vern in the reliability analysis; flexural failure (min and max) is governing.  
The squat CB wall with λv = 0.5 provides a reliability above the target region for almost 
every axial load. The value stays almost constant at ! ≈ 4.3. The tendency for higher re-
liability in squat walls is also observed for CB walls as seen in Figure 6-13. However, the 
diagonal tension governs the design (and thus the tensile strength of the unit) for λv = 1.0 
in the range of nGk = 0.16−0.24 and leads to the same reliabilities as for λv = 0.5 since the 
increase of the self-weight of the walls over the member height is neglected in the analy-
sis. 
The reliability versus the eccentricity is shown in Figure 6-14. The findings are similar to 
those for the CS walls.  
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Figure 6-11 Reliability index ! and shear resistance vEk vs. axial dead load nGk for a CB wall with 



















Figure 6-12 Reliability index ! and shear resistance vEk vs. axial dead load nGk for a CB wall with 
λv = 0.5 (designed according to DIN 1053-1) 
reliability index ! 
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Figure 6-13 Reliability index ! vs. dead load nGk for different values of the shear slenderness λv for 














Figure 6-14 Reliability index ! vs. eccentricity ratio e/lw for different values of the shear slenderness 
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The highest reliability of the three materials is obtained in case of AAC walls. Even 
slender walls reach reliabilities within the target region due to the underestimation of the 
tensile strength of the AAC unit in DIN 1053-1 (see Figure 6-15). Thus, the calculated 
capacities are significantly larger than the ones predicted by the code. The average value 
of ! within the practical range is approximately 2.9.  
For the squat AAC wall, the consequences of the conservative value of the tensile 
strength of the unit become even more evident (see Figure 6-16). The reliabilities rise to 
values over ! = 8.0. The reliability within the practical range is even greater than for near-
ly concentric compression. 
Figure 6-17 shows the reliability of AAC walls for different values of the shear slender-
ness λv. It can be seen that even slender walls with λv = 2.0 hit the target region and above 
for axial load over nGk = 0.06. The reliability of AAC walls designed according to 
DIN 1053-1 is observed to be significantly larger than the reliability of CB and CS walls. 

















Figure 6-15 Reliability index ! and shear resistance vEk vs. axial dead load nGk for an AAC wall with 
λv = 3.0 (designed according to DIN 1053-1) 
reliability index ! 
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Figure 6-16 Reliability index ! and shear resistance vEk vs. axial dead load nGk for an AAC wall with 
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Figure 6-17 Reliability index ! vs. dead load nGk for different values of the shear slenderness λv for 
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Figure 6-18 Reliability index ! vs. eccentricity ratio e/lw for different values of the shear slenderness 
λv for AAC walls (designed according to DIN 1053-1) 
6.7.3 DIN 1053-100 
With DIN 1053-100, the partial safety format was introduced into masonry design in 
Germany. This made it possible to apply the safety factors not only on the strength but 
also on the load and so the aforementioned shortcoming of DIN 1053-1 with regard to the 
length under compression was overcome. Thus, the reliability of walls designed according 
to DIN1053-100 is expected to be significantly larger than for walls designed according 
to DIN 1053-1. 
In Figure 6-19, the reliability index ! and the shear capacity vEk for a slender CS wall 
(λv = 3.0) are plotted versus the axial dead load nGk and the predicted failure modes are 
indicated, similarly to the figures presented in the previous section. It can be seen that 
failure due to flexure limits the reliability for small levels of axial load. In contrast to 
DIN 1053-1, failure by tip over of the entire wall cannot govern because of the corres-
ponding common load combination stipulated by the code (see section 5.3.2). Note that 
small values of nGk represent large values of the eccentricity and large values corres-
peond to members subjected more concentric compression. Consequently, the eccentricity 
is not limited for small levels of axial load as was the case for DIN 1053-1 (see Figure 
6-4). For even larger values of the shear slenderness λv, only flexural failure is predicted 
in the probabilistic analysis and according to the code. Thus, only the eccentricity influ-
ences the reliability and for equal values of eccentricity, equal reliabilities are obtained. In 
the case of CS, flexural failure governs for every value of axial load when the shear slen-
Target region 
λv = 3.0 
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derness is above λv ≈ 4.0 with an average minimum reliability within the practical range 





















Figure 6-19 Reliability index ! and shear resistance vEk vs. axial dead load nGk for a CS wall with 
λv = 3.0 (designed according to DIN 1053-100) 
The reliability index ! and the eccentricity e/lw are compared in Figure 6-20. The findings 
of the previous section (large eccentricity means small reliability) are verified. The sharp 









flexure (min) flexure (max) diagonal tension 
flexure (min) flexure (max) diagonal tension 
Target region 
reliability index ! 
shear capacity vEk according to DIN 1053-100 
CS 20/TLM 


















Figure 6-20 Reliability index ! and eccentricity e/lw vs. axial dead load nGk for a CS wall with 
λv = 3.0 (designed according to DIN 1053-100) 
Note that the reliability analysis was carried out for fully utilized masonry walls. In prac-
tice, walls may not be utilized to the full capacity. However, in case of slender shear 
walls, higher degrees of utilization are likely. It should also be noted that the flexural ten-
sile strength has been neglected. For large eccentricities and flexural failure, Glowienka 
(2007) observed a sudden rise in the reliability due to flexural tensile strength. He investi-
gated walls subjected to out-of-plane flexure, i.e. walls that are only subjected to wind 
load from one direction. Masonry shear walls are subjected to wind load from two direc-
tions which may result in a complete loss of flexural tensile strength over the wall length. 
The DIN codes stipulate a limitation on the strain in the bottom course to prevent this, 
however, the strain limit is a fixed value that cannot be verified. For this reason, flexural 
tensile strength is neglected here.  
Table 6.7-2 shows a selection of sensitivity values for the slender CS wall. It can be seen 
that the model uncertainties are the relevant basic variables for minimum axial load 
(nGk = 0.01). For higher axial load, the model uncertainty has less influence; the corres-
ponding failure modes are governed by the compressive strength of the masonry. The 
wind load vE has some influence but only for minimum axial load. As explained previous-
ly, the reason for the lack of influence is the eccentricity; in case of maximum load the 
cross-section remains under compression and thus the result is not sensitive to the hori-
zontal load. In this case, the axial load is the most important load and thus the live load 
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Table 6.7-2 Select sensitivity values for a CS wall with λv = 3.0 
nGk e/lw FMa ! "Θs "Θdt "Θc "Θf "ΘE "nG "nQ "vE "fm "ft "fv0 "µ 
0.01 0.32 F 1.94 - - - 0.84 -0.00 0.33 - -0.44 0.01 - - - 
0.10 0.26 DT 2.51 - 0.88 - - -0.03 0.23 - -0.37 - 0.16 - - 
0.18 0.23 DT 2.83 - 0.87 - - -0.04 0.21 - -0.37 - 0.23 - - 
0.19 0.22 DT 2.93 - 0.87 - - -0.05 0.21 - -0.37 - 0.23 - - 
0.20 0.20 DT 3.39 - 0.87 - - -0.05 0.21 - -0.38 - 0.24 - - 
0.28 0.01 F 5.90 - - - 0.01 -0.20 -0.13 -0.54 -0.01 0.81 - - - 
aFM=Failure Mode (S = sliding; DT = diagonal tension; C = crushing; F = flexure) 
In case of squat walls, the distribution of the reliability basically stays the same. Figure 
6-21 shows the reliability index ! and the shear capacity vEk for a squat CS wall with 
λv = 0.5. Note the different failure modes than in the case of the slender wall. In the prac-
tical range of axial load, the reliability index does not fall below ! = 3.0, and even reaches 
values of up to ! = 4.0, thus hitting the target values recommended by JCSS (2001) and 
DIN EN 1990. At the point where maximum axial load governs the design, the reliability 
increases suddenly to a large value of about ! ≈ 6.0. This is almost the same value as in 
the case of the slender wall. The reason for this is that the capacity is independent of the 
slenderness when the cross-section is completely subjected to compression, i.e. the sensi-



















Figure 6-21 Reliability index ! and shear resistance vEk vs. axial dead load nGk for a CS wall with 
λv = 0.5 (designed according to DIN 1053-100) 
The sensitivity values in Table 6.7-3 show similar influences as for the slender wall. As 
long as the axial load is acting favourably, the model uncertainties are the largest influ-
ences. In case of crushing, the sensitivity to the model uncertainty decreases  significantly 
as was the case for the flexural failure in the slender wall. In that case, the major influ-
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ences are the axial live load and the compressive strength. Figure 6-22 presents the relia-
bility index ! versus the axial dead load nGk for different values of the shear slenderness 
λv. 
Table 6.7-3 Select sensitivity values for a CS wall with λv = 0.5 
nGk e/lw FMa ! "Θs "Θdt "Θc "Θf "Θl "nG "nQ "vE "fm "ft "fv0 "µ 
0.01 0.25 S 2.88 0.88 - - - -0.02 0.25 - -0.38 - - 0.11 0.01 
0.05 0.16 S 3.45 0.86 - - - -0.03 0-23 - -0.39   0.21 0.09 
0.10 0.12 DT 3.38 - 0.80 - - -0.09 0.13 - -0.34 - 0.47 - - 
0.24 0.07 DT 3.94 - 0.78 - - -0.09 0.12 - -0.35 - 0.49 - - 
0.28 0.01 C 5.88 - - 0.01 - -0.20 -0.13 -0.54 -0.01 0.81 - - - 














Figure 6-22 Reliability index ! vs. dead load nGk for different values of the shear slenderness λv for 
CS walls (designed according to DIN 1053-100) 
Generally, it can be stated that the reliability strongly depends on the shear slenderness. 
While squat walls easily reach the recommended reliability values of DIN EN 1990, the 
reliability of slender walls is likely to fall short. In the practical range, the reliability 
comes close to ! = 3.0 for common walls (λv ! 2.0). However, reliability can be increased 
significantly by choosing the right dimensions, i.e. increasing the length lw of the wall. 
Figure 6-23 shows the reliability index ! of CS walls for different shear slenderness λv 
versus the eccentricity e/lw. It can be seen that the eccentricity for slender walls reaches 
higher values than the eccentricity of squat walls. This is logical; slender walls likely fail 
in flexure, which occurs when the maximum eccentricity is reached due to the standar-
dized design and the full utilization of the cross section. Squat walls fail in shear, where 
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λv = 3.0 
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large eccentricities do not occur. However, small eccentricities lead to larger reliability 














Figure 6-23 Reliability index ! vs. eccentricity ratio e/lw for different values of the shear slenderness 
λv for CS walls (designed according to DIN 1053-100) 
In case of the other unit materials, the results are the same. Similarly to Figure 6-19, Fig-
ure 6-24 shows the reliability index ! and the shear capacity vEk according to DIN 1053-
100 for a slender CB wall. It can be see that the distribution is very similar to the CS wall. 
The average level of reliability is slightly higher and ranges from ! ≈ 2.3 to 3.5. The aver-
age value within the practical range is ! = 3.0. 
In Figure 6-25, different values of the shear slenderness are compared. It is observed that 
CB walls almost reach the target values of the reliability in every case. Only very slender 
walls fall short. The reason for this is the relatively large tensile strength of the unit as-
sumed in the probabilistic analysis. This leads to greater capacities for diagonal tension 
compared to CS walls. Due to the favourable model uncertainty Θf in case of CB, the re-
liabilities obtained for CB walls are higher than for CS. 
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Figure 6-24 Reliability index ! and shear resistance vEk vs. axial dead load nGk for a CB wall with 
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Figure 6-25 Reliability index ! vs. dead load nGk for different values of the shear slenderness λv for 
CB walls (designed according to DIN 1053-100) 
By plotting the reliability versus the eccentricity, the relevant range of the eccentricity 
again becomes obvious because of the concentration of values, as can be seen in Figure 
6-26 (note the locations where the markers are close together). 
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Figure 6-26 Reliability index ! vs. eccentricity ratio e/lw for different values of the shear slenderness 
λv for CB walls (designed according to DIN 1053-100) 
In the case of AAC walls, the reliability of slender walls is almost equal to the other mate-
rials (see Figure 6-27). The sudden rise in reliability is observed again. The maximum 
value of reliability of ! = 7.5 is higher than for CS and CB because of the smaller scatter 
and larger mean of the masonry compressive strength. As in the case of the other mate-
rials, the reliability is generally higher than that according to DIN 1053-1. The average 
reliability is ! = 3.7. 
With decreasing shear slenderness λv, diagonal tension governs the design according to 
the code, as shown in Figure 6-28. This leads to strongly increasing reliability due to the 
underestimated tensile strength in DIN 1053-100 (see section 4.5.5). The underestimation 
leads to very small capacities vEk according to the code when diagonal tension failure is 
expected. In the probabilistic analysis, sliding shear governs and results in large reliabili-
ties because the small values of vEk, derived according to the code for diagonal tension, do 
not lead to high utilization of the wall. Figure 6-29 shows the reliability of differently 
slender walls over the eccentricity e/lw. 
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Figure 6-27 Reliability index ! and shear resistance vR vs. axial dead load nGk for a AAC wall with 






















Figure 6-28 Reliability index ! and shear resistance vR vs. axial dead load nGk for a AAC wall with 









flexure (min) flexure (max) 
flexure (max) diagonal tension 
reliability index ! 










reliability index ! 
shear capacity vEk according to DIN 1053-100 
Target region 
sliding 
flexure (max) flexure (min) 
flexure (max) diagonal tension 
AAC 4/TLM 
AAC 4/TLM 














0,00 0,05 0,10 0,15 0,20 0,25 0,30 0,35
lv = 3.0 lv = 2.0
lv = 1.0 lv = 0.5
lv = 0.25
 
Figure 6-29 Reliability index ! vs. eccentricity ratio e/lw for different values of the shear slenderness 
λv for AAC walls (designed according to DIN 1053-100) 
6.7.4 DIN EN 1996-1-1 and National Annex 
DIN EN 1996-1-1/NA is also based on the partial safety factor concept. The main differ-
ences in comparison to DIN 1053-100 with regard to the the shear capacity are the larger 
values for the cohesion, the different design equation for diagonal tension failure and the 
consideration of the overlap u/hb in the design equation for crushing (see section 5.5.3). 
All these differences affect the shear failure of squat walls. 
The reliability of a slender CS wall is presented in Figure 6-30. Although the check 
against flexural failure is identical to DIN 1053-100, the distribution of reliability is not 
identical to DIN 1053-100 (see Figure 6-19). The reason for this is the difference in the 
code design equations for diagonal tension failure: DIN 1053-100 predicts diagonal ten-
sion failure while DIN EN 1996-1-1/NA predicts flexural failure with slightly larger ca-
pacities. This leads to slightly lower reliabilities in the case of low axial load. It can be 
seen that the reliability does not reach the target region. The average reliability over the 
practical range is ! ≈ 2.5. 
In case of squat walls (Figure 6-31), the difference in the design equations of DIN 1053-
100 and DIN EN 1996-1-1/NA has an even more pronounced effect. The capacities are 
smaller for CS as shown in section 5.5.4 (see Figure 5-16). Consequently, the reliabilities 
obtained are higher than the reliabilities according to DIN 1053-100 and the reliability is 
significantly higher than the target value of DIN EN 1990/NA within the entire practical 
range. 
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Figure 6-30 Reliability index ! and shear resistance vEk vs. axial dead load nGk for a CS wall with 



















Figure 6-31 Reliability index ! and shear resistance vR vs. axial dead load nGk for a CS wall with 
λv = 0.5 (designed according to DIN EN 1996-1-1/NA) 
Figure 6-32 shows the distribution of reliability for different values of λv for CS walls. It 
can be seen that the target reliability is reached for λv = 1.0 but the reliability stays below 
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Figure 6-32 Reliability index ! vs. dead load nGk for different values of the shear slenderness λv for 
CS walls (designed according to DIN EN 1996-1-1/NA) 
The distribution of the reliability for CB walls is similar. The walls, however, provide 
slightly higher reliability. For slender walls, the average reliability within the practical 
range is ! ≈ 2.8 (see Figure 6-33). Squat CB walls have much higher reliability because of 






















Figure 6-33 Reliability index ! and shear resistance vEk vs. axial dead load nGk for a CB wall with 
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Figure 6-34 Reliability index ! and shear resistance vEk vs. axial dead load nGk for a CB wall with 
λv = 0.5 (designed according to DIN EN 1996-1-1/NA) 
The reliability of slender AAC (see Figure 6-35) walls is slightly higher than the reliabili-
ty of slender CB walls. The difference is only significant for large axial load because of 
the different scatter of the compressive strength. The average reliability index over the 
practical range is ! ≈ 3.3. For average squat AAC walls (see Figure 6-36), the reliability 
falls short for low axial load but increases significantly with increasing nGk. The reliabili-
ties for low axial load are even smaller than in the case of CB and CS due to the larger 
sliding shear capacity. In case of CB and AAC, the plots of reliability versus eccentricity 
only confirm earlier findings. 
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Figure 6-35 Reliability index ! and shear resistance vEk vs. axial dead load nGk for an AAC wall with 





















Figure 6-36 Reliability index ! and shear resistance vEk vs. axial dead load nGk for an AAC wall with 
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A safety concept has to fulfil several requirements. The most important ones are: 
! Provide sufficient safety 
! Provide a constant level of reliability 
! Provide efficiency 
! Practical use in engineering practice 
These requirements are thought to be fulfilled when a code has proven effective over a 
long period of time, i.e. the number of failures is small and the design is accepted in so-
ciety and as well as amongst designers. In the following, the reliabilities obtained in the 
previous sections will be summarized and assessed. The “theoretical” level of reliability, 
which refers to the reliability related to full utilization of the cross-section, will be diffe-
rentiated from the “actual” level of reliability, which will be determined taking into ac-
count the realistic level of utilization. 
6.8.2 Theoretical Level of Reliability 
In the probabilistic analyses of section 6.7, two basic findings became obvious: 
! The reliability of slender walls is more critical than the reliability of squat walls. 
! Large eccentricity results in smaller reliability. 
These findings were verified for all three unit materials and all three codes. It was also 
found that a certain limit of shear slenderness exists above which the distribution of relia-
bility remains constant because of the governing failure mode (only flexure) and the cor-
responding distribution of eccentricity e/lw. This limit is approximately λv ! 3.5. In the 
following, the focus will be set on slender walls because they are more critical. 
Some differences were observed between the unit materials. The main reasons for the 
differences are the different stochastic properties of the model uncertainties, the tensile 
strength of the unit and compressive strength of the masonry. Additionally, in the case of 
AAC, the design according to the different codes led to significant differences since the 
tensile strength of the unit was greatly underestimated in DIN 1053-1 resulting in very 
large reliability of squat AAC walls designed according to DIN 1053-1. Figure 6-37 
shows the reliability for slender walls (λv = 3.0) designed according to DIN 1053-1 for the 
different unit materials. 
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Figure 6-37 Reliability index ! vs. axial dead load nGk for slender walls designed according to 
DIN 1053-1 
As can be seen, CS has the lowest reliability while AAC has the largest. Note that differ-
ent failure modes are governing in Figure 6-37. For example the large difference in relia-
bility between AAC and the other materials in the range from nGk = 0.05−0.20 is due to 
the fact that diagonal tension governs in the case of AAC because of the underestimation 
of the unit tensile strength as explained above. The small reliability at low levels of axial 
load is caused by the model uncertainty; other than in case of AAC and CB, the model is 
not biased. In the case of AAC and CB, the model incorporates a “model safety”. 
Figure 6-38 shows the reliability of slender walls designed according to DIN 1053-100. 
Here, the aforementioned underestimation of the unit tensile strength for AAC has a 
smaller impact due to the effect of the semi-probabilistic safety concept. Once again, CS 
has the lowest level of reliability. However, reliability is generally higher than for the 
DIN 1053-1 because of the appropriate application of the safety factors. The reliabilities 
stay above 2.0 and even reach values above 3.0 for AAC and CB. 
Figure 6-39 shows the same comparison for walls designed according to DIN EN 1996-1-
1/NA. The distributions are similar to DIN 1053-100 (Figure 6-38). However, small dif-
ferences are visible because the underestimation of the unit tensile strength for AAC has 
been eliminated and the equations for diagonal tension are different. When flexural failure 
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Figure 6-38 Reliability index ! vs. axial dead load nGk for slender walls (λv = 3.0) designed accord-
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Figure 6-39 Reliability index ! vs. axial dead load nGk for slender walls (λv = 3.0) designed accord-
ing to DIN EN 1996-1-1/NA 
The general tendency of reliability according to the different codes was also determined. 
Figure 6-40 shows a typical reliability distribution for a slender AAC wall and compares 
the different codes. It can be seen that DIN 1053-1 provides the lowest level of reliability 
while DIN 1053-100 provides the largest and DIN EN 1996-1-1/NA is in between. The 
reliabilities of DIN 1053-100 and DIN EN 1996-1-1/NA should actually be closer togeth-
er; the difference at low axial load comes from the underestimation of the unit tensile 
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Figure 6-40 Reliability index ! vs. axial dead load nGk for a slender AAC wall (λv = 3.0) designed 
according to various codes 
Figure 6-41 shows the same comparison for a slender CB wall. Since the unit tensile 
strength is not underestimated in DIN 1053-100, the reliabilities according to DIN 1053-
100 and DIN EN 1996-1-1/NA are almost identical. The marginally higher reliability ac-
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Figure 6-41 Reliability index ! vs. axial dead load nGk for a slender CB wall (λv = 3.0) designed ac-
cording to various codes 
A similar comparison was made for squat walls, Figure 6-42 compares the reliabilities for 
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DIN EN 1996-1-1/NA leads to the highest reliability while DIN 1053-1 even provides 
greater reliability than DIN 1053-100. The reason for this is the shear modification factor 
!s in DIN 1053-100, which can lead to larger shear capacity than in DIN 1053-1 and is 
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Figure 6-42 Reliability index " vs. axial dead load nGk for a squat CS wall (λv = 0.5) designed ac-
cording to various codes 
In general, it can be stated that the reliabilities of masonry walls designed according to 
DIN 1053-1 are significantly lower than the reliabilities according to the more recent 
codes which lead to almost identical reliability for the critical slender walls. The reason 
for this is mainly the application of the global safety factor. The method of partial safety 
factors leads to an increase in reliability due to the consistent application of the safety 
factors and to the smaller capacities that are predicted. A very important fact is also that 
for squat walls, the theoretical reliability reaches and exceeds the target values of JCSS 
(2001) and DIN EN 1990, while slender walls significantly fall short of the targets over  
most of the practical range. 
6.8.3 Actual Level of Reliability 
The theoretical reliabilities derived in the previous section for slender walls are signifi-
cantly lower than the recommendations of JCSS (2001) (" = 3.2) and DIN EN 1990 
(" = 3.8). This was especially true for the DIN 1053-1 despite the fact that this code satis-
fies the requirements desired in a code (see section 6.8.1). This code has been used in 
practice since 1982 and has proven effective over the years; masonry structures designed 
with it are accepted within society and structural failures due to high wind loads are not 
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Nevertheless, DIN EN 1990 suggests calibration of new codes on experiences. If no expe-
riences are available, target values for the reliability of the individual member are pro-
vided that have to be met. These targets have been adopted from ISO 2394 where they 
were derived based on engineering assumptions. However, it is not logical to provide a 
single target value independent of the failure consequences that are related to a certain 
structure. 
A very important fact in the assessment of the reliabilities obtained is the actual load lev-
el. In the study in section 6.7, a member with 100% utilization was assumed. This is cor-







α =  Eq. 6-17 
where vE is the actual existent wind load.  
The absolute values of the sustainable shear force vEk, however, are different for every 
unit material since the compressive strength was used as the basis for normalization. 
Thus, the wind loads that can be recalculated for the high strength materials CS and CB 
are much larger than for AAC. In reality, the wind load is independent from the unit ma-
terial. Thus, for actual structural members, a utilization of 100% is unlikely to occur for 
the high-strength materials and consequently, reliabilities will be higher on average. To 
assess this effect, the distribution of reliability of a CS wall and a CB wall for different 
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Figure 6-43 Reliability of slender CS wall for different levels of utilization (λv = 3.0; design accord-
ing to DIN 1053-1) 
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As expected, the reliability increases significantly within the practical range. For very 
large axial force, the values do not differ much since the influence of the shear force is 
small in that case. An interesting observation is the linear relationship between ! and the 
reliability, evident from the equal change in reliability from one level of ! to the other. 
This allows the application of a constant factor to modify the capacity to reach the re-
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Figure 6-44 Reliability of slender CB wall for different levels of utilization (λv = 3.0; design accord-
ing to DIN 1053-1) 
To assess typical levels of utilization, consider a typical town house as presented in Fig-
ure 6-2. The height of the building is h = 9.0 m (3 storeys, flat roof). Typically, the distri-
bution of the wind loads will be determined from linear FEM analysis. The determination 
of the wind load is carried out according to DIN 1055-4. The slabs were designed to have 
the shortest span and provide axial load to the shorter shear walls. Framing action of the 
walls and slabs is not examined since this is commonly neglected in design of the bracing 
walls. 
With these values, the levels of utilization can be determined for the different unit types. 
The axial load will be determined under the assumption of one-way single span slabs with 
three stories. The thickness of the slabs is 20 cm, so that the axial dead load, including 
floor coverings, is 6.0 kN/m² per floor. Live load is not taken into account since it will 
likely act favourable. 
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Table 6.8-1 Axial dead load nGk for the example building  
Wall hw/lw CS CB AAC 
nGk 
W1 2.26 0.027 0.048 0.063 
W3 2.74 0.047 0.090 0.129 
W5 1.39 0.084 0.168 0.250 
W6 0.97 0.059 0.115 0.168 
W7 2.18 0.071 0.139 0.206 
W8 1.83 0.029 0.053 0.071 
W9 3.31 0.028 0.050 0.067 
W10 2.74 0.047 0.090 0.129 
 
 
Figure 6-45 Example of a town house and corresponding horizontal forces 
For matters of simplicity, and since it is intended only to show a general tendency of the 
levels of utilization and to assess the realistic level of reliability of masonry structures I 
Germany, the capacities were determined according to DIN 1053-1. To assess the conse-
quences of the different structural systems, two values of the parameter ψ (see Figure 5-2) 
are investigated.  
In case of ψ = 1.0 a full reconcentration of the axial force due to the overturning moment 
of the slabs is considered so that the shear slenderness becomes λv = hw/lw. The second 
case with ψ = 3.0 (= number of storeys) is equal to modelling the shear wall as a building-
high cantilever. In reality, ψ will likely be in between these two values. In Figure 6-46, 
the levels of utilization for the different walls of the example building are presented. 
Wall Horizontal force in kNa 
CB CS AAC 
W1 1.20 1.23 1.23 
W3 0.30 0.33 0.31 
W5 1.70 1.85 1.76 
W6 5.41 5.87 5.59 
W7 0.38 0.41 0.39 
W8 1.62 1.76 1.67 
W9 0.44 0.48 0.45 
W10 0.31 0.33 0.31 
aper storey 
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As expected, the utilization of the AAC walls is significantly larger than the utilization of 
the CS and CB walls (see Figure 6-46). Please note that non-linear effects are not consi-
dered herein, thus the actual utilization may still be lower. However, there is a clear ten-
dency that CS and CB walls are utilized to a lesser extent than AAC walls. Wall W1 even 
reaches a utilization of 99% in case of AAC while the corresponding CB wall is only uti-
lized up to 80%. In case of a CS wall, the utilization is 70%. As previously shown in Fig-
ure 6-43, this yields a reliability index of ! ≈ 3.1 for the CB and ! ≈ 3.3 for the CS wall 
which is significantly higher than the reliability index for full utilization of the cross-
section. The higher reliability for AAC leads to the supposition that the experts involved 
in the standardization process “instinctively” accounted for the higher level of utilization 
of AAC walls. It can also be seen that the utilization of the walls drops significantly when 
the overturning moments of the slabs are considered. While a clear quantification of these 
moments can make a significant reduction of the wall length possible, admittedly, this is 
difficult. In reality, an approach with ψ = 1.0 will likely be used for convenience and effi-
ciency. If the overturning moments are not large enough to center the axial load, this will 
probably lead to very small levels of utilization in the design of the shear walls and con-
sequently to insufficient reliability due to wall length reduction. 














Figure 6-46 Levels of utilization " for the example building 
Another important aspect in the reliability of masonry shear walls is the load redistribu-
tion in the system. Jäger et al. (2008) showed the potential for load redistribution in a 
masonry structure by non-linear FE analysis. While, the system reliability of the entire 
structure cannot be quantified yet; all the reliabilities obtained are only valid for the single 
member; the failure probability of the system will be significantly smaller. Other favoura-
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between walls and slabs can not be taken into account. The quantification of the system 
reliability should be the subject of future research. 
Considering these facts, the capacities predicted by DIN 1053-1 seem justified. The high-
ly utilized AAC walls reach the economic optimum derived in this chapter. The CB and 
CS walls are normally less utilized and thus also come close to the economic optimum of 
! = 3.0. This underlines the belief in proper empirical assessment of the masonry shear 
walls in the past; the provided reliability appears to be similar to the economic optimum. 
In conclusion, it must be stated that DIN 1053-1 represents the economic optimum. 
6.9 Summary 
In this chapter, the reliabilities provided by three design codes for common shear walls 
are assessed. Starting with an outline of the procedure, the required steps are explained. 
The limit state functions are provided in non-dimensional form. 
The theoretical reliability of a selection of URM walls is then determined using SORM. 
All studies were conducted for an observation period of 50 years using distributions of 
extremes to take into account the time-dependence. 
In general, it can be stated that very slender shear walls made of CS, CB and AAC units 
neither fulfil the requirements of the codes, nor meet the recommendations of 
JCSS (2001) and DIN EN 1990 in the case of small axial force and large eccentricity. For 
all materials it is found that reliability increases significantly for squat walls. Slender 
walls are critical and likely to fail in flexure. 
The differences between the characteristic values of the material properties according to 
the codes and the derived stochastic models described in chapter 3 are illustrated. In par-
ticular, the unit tensile strength for AAC units is significantly underestimated in 
DIN 1053-1 and DIN 1053-100. This leads to extraordinarily large values of the reliabili-
ty for squat AAC walls. This shortcoming was addressed in DIN EN 1996-1-1/NA. Thus, 
the reliability is smaller but still high when diagonal tension governs. 
It is also shown that the model uncertainties are the dominant basic variables as long as 
minimum load governs. When maximum axial load governs (shear crushing and flexural 
failure under maximum load), model uncertainties lose their influence and only the maso-
nry compressive strength and the axial load influence the results. 
For CS walls the average reliability index for a slender wall with λv = 3.0 is ! ≈ 2.6 when 
the wall is designed according to DIN 1053-100 or DIN EN 1996-1-1/NA. These codes 
are new; the latter has not even been published yet. Due to the long history of use in prac-
tice, the reliability for walls designed according to DIN 1053-1 can be seen as a minimum 
average value in common masonry construction. The corresponding values are ! ≈ 2.0 for 
CS walls, ! ≈ 2.1 for CB walls and ! ≈ 2.9 for AAC walls. All values are valid for an ob-
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servation period of 50 years. If the walls are designed according to DIN 1053-100 or 
DIN EN 1996-1-1, higher reliability is obtained due to more appropriate application of 
the safety factors in the design. The minimum values for the slender walls are equal for 
these two codes since the check against flexural failure is identical. Squat walls exhibit 
significantly higher reliability and provide reliabilities above the target region.  
The values obtained in the reliability analysis represent theoretical values; the actual re-
liability provided by masonry shear walls will be higher due to the lower level of utiliza-
tion of the walls in reality. The reliability analysis was conducted assuming full (100%) 
utilization of the walls. To assess the actual level of reliability, a typical house is analysed 
and the levels of utilization for the bracing walls are determined. Subsequently, the pro-
vided level of reliability for the “realistic” level of utilization is determined. The reliabili-
ties obtained are similar for all three unit materials and higher than then the theoretical 
level of reliability. 
The average reliabilities obtained are summarized in Table 6.9-1. These actual reliabilities 
are believed to represent the societally accepted minimum since concerns about the use of 
masonry buildings is not existent among the public. 
Table 6.9-1 Minimum average reliability index in common masonry construction (full utilization of 
the cross-section) 
Material 
Average reliability index provided 
in common masonry constructiona  
theoreticalb 
actualc DIN 1053-1 DIN 1053-100 DIN EN 1996-1-1/NA 
CS (20/TLM) 2.0 2.7 2.6 3.2d 
CB (12/GPM IIa) 2.1 3.0 3.0 3.1e 
AAC (4/TLM) 3.0 3.7 3.3 3.0f 
acorresponding to λv = 3.0 and nGk = 0.05−0.2 
bfull (100%) utilization of the wall 
cdetermined on the basis of DIN 1053-1 
dcorresponding to a utilization of 70% 
ecorresponding to a utilization of 80% 
fcorresponding to a utilization of 100% 
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7 OPTIMIZATION OF THE TARGET RELIABILITY 
7.1 Introduction 
In the previous chapter, the reliability of masonry walls designed according to three Ger-
man design codes was determined. Because of the wide acceptance of masonry buildings 
and the lack of safety concerns in the public, the results obtained can be interpreted as 
societally accepted values even though slender walls do not meet the target reliability of 
DIN EN 1990. Therefore, the question arises as to how a construction material like maso-
nry which has proven “reliable” over a long period cannot fulfil code requirements under 
the chosen assumptions. Consequently, the code requirements should be examined. 
Therefore, a target has to be determined and compared to the existent level of reliability. 
In addition, whether or not a probabilistically optimized level of reliability verifies the 
results obtained from chapter 6 should be checked. 
In the following sections, the target reliability for typical masonry structures will be de-
termined by means of probabilistic cost-benefit optimization. The target reliability de-
pends strongly on the point of view of the assessor. Just consider the different points of 
view in the simple example of selling a house: The seller’s benefit is a sum of money 
while the buyer sees other benefits (more space, better environment, better life in general) 
and so the results of the individual analysis (Buy the house? Accept a certain price?) will 
be different. However, this study has to focus on one perspective. The target reliability 
will be determined from the socio-economic point of view, i.e. the target reliability de-
termined here is intended to represent the value that is best for society representing the 
optimum compromise of efficiency and reliability. 
This will be achieved by application of the techniques and methods described in section 
2.6 and extending them to the special requirements of masonry construction. The goal is 
to derive a better recommendation for the target reliability for common masonry struc-
tures based on societal acceptance. For this, a number of periphery conditions have to be 
defined and missing data has to be estimated. However, by limiting the scope to masonry 
buildings, many conditions can be estimated with reasonable accuracy. 
In the first step, the targeting function and the parameters of the optimization will be de-
fined. The failure consequences will be assessed and verified for typical masonry build-
ings to estimate benchmarks for the subsequent optimization. 
In this optimization, the service life of the masonry building plays an important role due 
to interest rates and derived benefit. The service life is normally estimated within the val-
ues provided by EN 1990. These recommendations are presented in the following table. 
Residential masonry buildings as well as office buildings should be part of class 4 and 
thus the design life should be 50 years.  
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Table 7.1-1 Design service life of structures according to EN 1990 
Class  Design service life in yrs Examples 
1 10 Short-term structures with limited lifea 
2 10−25 Exchangeable parts of a structure, e.g. 
bridge supports 
3 15−30 Agricultural and similar structures 
4 50 Buildings and other common structures 
5 100 Monumental structures, Bridges etc. 
aNOTE: Structures and parts of structures that are intended to be reused, should not be 
regarded as short-term structures with limited life 
7.2 Modelling 
7.2.1 General 
In the first step, an appropriate targeting function will be derived. The formulation, as 
proposed by Rosenblueth & Mendoza (1971) (see section 2.6), is chosen: 
( ) ( ) ( ) ( )pDpCpBpZ −−=  Eq. 7-1 
From there, the optimization parameter and the variables to suit the situation of a typical 
masonry structure have to be defined. The optimization parameter needs to be linked to 
the probability of failure. Additionally, the more the variables are independent from the 
optimization parameter, the less complex the optimization becomes and is thus more effi-
cient. The partial safety factor on the wind load γw is chosen as the optimization parameter 
for simplicity and clarity since it is tangible and has a fixed range unlike other possible 
parameters such as the failure probability (actually the partial safety factor just represents 
the failure probability). 
It is assumed here that failed structures would be systematically reconstructed. This 
would especially hold true for structures in urban regions, however, even in less prosper-
ous regions, property will unlikely remain unused. 
Next, the variables have to be defined. The benefit B(p) represents the rental income and 
the cost C(p) is the structural cost. A probabilistic optimization of a structure aiming at 
economic efficiency can only be useful if the optimization parameter influences either the 
benefit or the structural cost. If both are independent of the optimization parameter, the 
optimum result will always be maximum safety. Changes in γw affect the length of the 
shear walls which can potentially affect both the benefit and the cost.  With regard to the 
benefit, while on the one hand differences in the length of the shear wall will not reduce 
rentable area significantly, longer shear walls do cause some architectural disadvantages 
such as less flexibility in the floor plan, limiting the use of the space, as well as the size of 
the openings.  This could lead to lower market value of the building and thus lower rental 
income due to lower satisfaction of the renter.  Therefore, the benefit is a function of the 
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optimization parameter. With regard to cost, the optimization parameter γw has only a 
minor effect on the structural cost. If longer shear walls are required, confining techniques 
will be applied in most cases and the increase in structural cost due to these techniques is 
negligible compared to the structural cost of the whole building. Therefore, the structural 
cost will be kept constant, C(p) = c. The failure consequences D(p) depend on the optimi-
zation parameter via the failure probability Pf which is taken into account by the intensity 
of the assumed Poisson process for the failure. 
Eq. 7-2 is the target function (see Eq. 7-1) after modification where ϕ is the interest rate, 
required to account for the time dependence due to the long service life, λ is the intensity 
of the Poisson process and H is the cost related to failure consequences (mainly fatalities). 
The interest rate ϕ  represents the real interest rate. Various recommendations from 2% to 
5% can be found in the literature (see Rackwitz (2008)). In this special case, the influence 
of the interest rate on the optimization result will be small since it has the same effect on 
both the benefit and the failure consequences. The annual interest rate is set as ϕ = 0.03. 
( ) ( ) ( ) ( )( )f www PBZ c c H λ γγγ ϕ ϕ= − − + ⋅  Eq. 7-2 
Therefore, the distribution of the failure probability versus the optimization parameter γw 
is required. It can be determined in the same manner as explained in chapter 6; the walls 
are designed according to DIN 1053-100 but different values of γw are applied and then 
the failure probability and reliability index are determined. In the optimization, all para-
meters will be related to one m² of rentable area. Before the optimisation is executed, the 
parameters will be assessed and estimates for typical masonry structures will be derived. 
From there, a simulation will be conducted to classify the failure consequences of com-
mon masonry structures according to the classification method presented in section 2.6.4. 
7.2.2 Modelling of the Benefit 
The common benefit derived from typical masonry structures is rental income. New ma-
sonry structures normally do not represent cultural heritage and do not contribute to a 
societal benefit other than rental income and providing residential and commercial space. 
Rent per m² is a typical indicator for the societal status of a region or city, high rent nor-
mally occurs in prospering and wealthy municipalities. Since it serves as a main indicator 
in real estate, values for the monthly rent per m² can be obtained relatively easy; many 
surveys on the rent are conducted every year, such as IVD (2009), in which average val-
ues for representative cities across Germany are determined. Figure 7-1 gives values for 
various German cities. The national average monthly rent per m² for a typical flat is 
6.14 €/m². In prospering cities displayed in Figure 7-1 values above 9 €/m² are easily 
reached. From this data, a stochastic model for the benefit derived from a structure is de-
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termined. If the benefit is independent from the optimization parameter, benefit just 
represents a parameter that shifts the target function along the y-axis. 
 
Figure 7-1 Average monthly rent per m² for various German cities according to IVD (2009) 
Here, a linear relationship is assumed, as shown in Figure 7-2. A possible formulation is 
given by Eq. 7-3. In this equation the parameter A is the ratio of maximum benefit to the 
standard benefit and represents the impact of reliability enhancement measures. This pa-
rameter is difficult to determine because of its subjective nature. Thus, this parameter will 
be subject to sensitivity analysis in the optimization. 






b A bγ γ
γ γ
− ⋅
= ⋅ + ⋅
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=  Eq. 7-4 
where b0 is the benefit in case of design according to the current code. Here, this is the 
benefit corresponding to γw,0 = 1.5 and equals the values given in Figure 7-1 for an obser-
vation period of 1 year. The parameter bmax is the maximum obtainable rent. A formula-
tion of this relationship directly using the failure probability would also have been possi-
ble but appears less demonstrative. 
 
Ten highest monthly rents per m² for 
an average sized apartment  
(German average: Euro 6.14/m²) 
€ per m2 per month 




Figure 7-2 Linear approach for the benefit b(γw) 
7.2.3 Modelling of the Structural Cost 
The term structural cost c refers to the amount of money that the owner has to invest to 
build the structure. The cost of the land is not included since it is independent from struc-
tural failure (in case of residential and office buildings). After failure, it is assumed that 
the same structural cost (taking into account the interest and inflation in the time between 
completion and collapse of the structure) applies to rebuild the structure. 
The structural cost depends on the geographic region. Naturally, building in prosperous 
regions is more expensive than in other regions. However, the location of a building 
mainly affects the prices for property and the effect on the material and labour costs etc. is 
smaller.  
To estimate the structural cost reference value, benchmarks are required. In Germany, 
typical cost for the construction of a good quality masonry house is about 180,000 € ac-
cording to BKI (2010). Estimating the area of a corresponding masonry house to be 
150 m², the cost per m² is 1200 €/m². This benchmark is used to model the structural cost 
for a first assessment. Considering the range of structural costs across Germany, the struc-
tural cost will be assumed to have a coefficient of variation of 15%. 
Table 7.2-1 Stochastic model for the structural cost c 
Distribution m [€/m²] CoV 
LN 1200.00  15% 
These assumptions lead to a range in structural cost for a 150 m² house from 130,000 € to 
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7.2.4 Classification of Failure Consequences 
Fatalities represent the severest failure consequence. A monetary assessment of a fatality 
can never cover the personal loss and of course, this is not attempted herein. However, for 
the derivation of socio-economic optimal target reliability, a clear monetary standard for 
fatalities has to be applied. The most common approach is based on the Life Quality In-
dex as explained in section 2.6.3. 
In the following, the cost related to failure for typical masonry buildings will be assessed 
for three scenarios representing different levels of risk. For these scenarios, the risk indi-
cator f(p) according to JCSS (2001) (see section 2.6.4) will be determined by MCS so that 
the provided benchmarks of this indicator, see Table 2.6-3, can be verified for typical 
masonry structures. Eq. 2-88 then becomes Eq. 7-5. 
( ) 0 0
0 0
C H C n k SLSCf p
C C
+ + ⋅ ⋅
= =  Eq. 7-5 
Masonry shear walls are only present in smaller buildings. Usually, when buildings are 
equipped with elevators, the elevator shafts are constructed of RC and are used for brac-
ing. Confinement of masonry walls with concrete elements is also becoming more and 
more popular so that true masonry shear walls can normally only be found in smaller res-
idential and office buildings. To assess these conditions, the following three scenarios are 
defined and evaluated: 
! Scenario 1: Single family residential building (4 people; 150 m²) 
! Scenario 2: Multi-family residential building (up to 20 people; 600 m²) 
! Scenario 3: Office building for a company with a staff of 40 (800 m²) 
The first case represents the typical detached house for a single family. The second case 
represents a multi-storey residential building with about 8 units. Case 3 represents a typi-
cal office building for an average size company. The number of people n inside the build-
ing at the time of failure will be modelled using different kinds of distributions for the 
scenarios. In Scenario 1, a discrete distribution is chosen. The estimated probabilities are 
based on engineering judgement and experience. It is assumed that most likely all 4 
people are at home since this normally holds for evenings, mornings and nighttime. Con-
sidering sudden structural failure, it is unlikely that no fatalities occur. 
In Scenario 2, similar assumptions as for Scenario 1 hold. In both scenarios, it has to be 
considered that people are in the building around the clock. During the day, people will 
go to work or school, resulting in less people in the building, but most of the time, people 
will be at home. To account for the larger number of people, a normal distribution with a 
mean of 15 people per 600 m² and a coefficient of variation of 20% is assumed. 
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Table 7.2-2 Distribution of number of people inside the building in Scenario 1  
Number of people n p Number of people per m² 
0 0.05 0 
1 0.15 0.004 
2 0.15 0.008 
3 0.15 0.012 
4 0.50 0.016 
 
Table 7.2-3 Normal distribution of number of people n inside the building in Scenario 2  
Distribution type m [pers. / m²] CoV 
N 0.025 20% 
In Scenario 3, the assumptions are similar. The coefficient of variation is assumed to be 
only 10% to account for the small fluctuation of the attendance of the employees. To ac-
count for the nights, this contribution will be multiplied with the factor 8/24 (work hours 
per day) = 1/3 in the assessment of the risk in the following section. 
Table 7.2-4 Normal distribution of number of people n inside the building in Scenario 3 (office) 
Distribution type m [pers. / m²] CoV 
N 0.044 10% 
These distributions are supposed to represent the number of people in the building at the 
time of failure. To assess the failure consequences, these numbers need to be converted 
into possible fatalities. For this purpose, Rackwitz (2004) suggests the factor k, provided 
in Table 2.6-2. For sudden structural failure in places of public entertainment, an estimate 
of k = 0.1−0.5 is recommended. Several reasons justify a low estimate of this value:  
! In case of typical town houses, failure of a shear wall will not necessarily lead to 
failure of the entire structure since the adjacent houses brace the respective house. 
! Plastic resources of the bracing system and framing action enable load redistribu-
tion and thus failure is not automatically brittle. 
! It has often been observed that people survive even gas explosions of buildings 
due to favourable location in the house (in the door way, in the basement). 
! The buildings in the three scenarios are well-known to the people (escape) in the 
building and are not crowded. 
Due to the reasons above, k will be estimated with a mean of 0.1. To account for possible 
scatter, it will be modelled in the following classification of the failure consequences ac-
cording to section 2.6.4 with the stochastic model provided in Table 7.2-5. 
Table 7.2-5 Normal distribution of the parameter k 
Distribution type m CoV 
N 0.1 10% 
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To classify the failure consequences and to evaluate the values of f(p) provided by JCSS 
(2001) for masonry buildings, a Monte Carlo-Simulation of the parameter f(p) according 
to Eq. 2-90 is conducted using the derived stochastic models. 
The simulation (number of simulations: 10,000), gives the distribution of f(p) for typical 
masonry structures in the three mentioned scenarios. In Figure 7-3, the distribution of f(p) 
in Scenario 1 is presented. It is can be seen that the minimum is f(p) ≈ 1.0 when no fatali-
ties occur and the maximum value reached is f(p) ≈ 5.0. This corresponds to the range of 
values for average failure scenarios according to JCSS (2001). 21.8% of all simulations 
led to values of f(p) < 2.0; 77.8% were within the range of 2.0 ! f(p) ! 5.0. The mean is 
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Figure 7-3 Distribution of f(p) in Scenario 1 
In Scenario 2 (Figure 7-4), similar results as in Scenario 1 are obtained. The values of f(p) 
are larger than in Scenario 1 due to the larger number of possible fatalities and the corres-
ponding higher value of the failure cost H. However, the range is still in the region of 
medium risk with a mean of f(p) = 3.35 with 97.8% of the simulations located within the 
range of 2.0 ! f(p) ! 5.0. 
In Scenario 3 (Figure 7-5), the risk is smaller than in the other scenarios due to the occu-
pation of the building only during office hours. The mean of f(p) is 2.38 while 88.7% of 
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Figure 7-5 Distribution of f(p) in Scenario 3 
To assess the sensitivity of the parameters, a sensitivity study was conducted. Figure 7-6 
shows a typical tornado diagram representing the influence of the parameters on the result 
obtained for f(p) in Scenario 2. As can be seen, the number of people in the building has 
the strongest influence while the parameter k has the lowest. However, for the chosen 
modelling, mean values of f(p) stay within the range of 2 ! f(p) ! 5. 
In summary, it can be stated that masonry buildings definitely belong in the average risk 
class according to JCSS (2001). Masonry buildings with high risk (apartment buildings) 
will most likely exhibit a value of f(p) ≈ 3.5 while typical small residential and office 
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Figure 7-6 Tornado diagram for Scenario 2 
7.2.5 Targeting Function and Procedure 
The general form of the targeting function (Eq. 7-1) can be modified for better assessment 
following the findings of the previous sections. The first modification is the insertion of 
the benefit according to Eq. 7-3 and introducing γw as the optimization parameter. The 
fact that the structural cost C(p) = C0  is constant also has to be considered. This gives: 
( ) ( ) ( ) ( )( )0 0 0 0
,0 ,min
11 f w
w w w w
w w
PA b
Z A b A C C H A
λ γ
γ γ
ϕ γ γ ϕ
! "
− ⋅
= ⋅ ⋅ + ⋅ ⋅ − − + ⋅ ⋅# $# $
−% &
 Eq. 7-6 
The factor Aw (see Eq. 2-84) accounts for times of reconstruction. Dividing this equation 
by C0 yields 
( ) ( ) ( ) ( )( )0 0
0 0 ,0 ,min
11 1 f ww w w w
w w
PZ A b
A b A f p A
C C
λ γγ γ
ϕ γ γ ϕ
! "
− ⋅
= ⋅ ⋅ + ⋅ ⋅ − − ⋅ ⋅# $# $
⋅ −% &
 Eq. 7-7 
The factor f(p) can be assessed by application of the values obtained in section 7.2.4. The 
intensity of the Poisson process λ(Pf(γw)) can be calculated directly from the probability 
of failure (see Eq. 7-8). 
( )( ) ( )( )ln 1f w f wP Pλ γ γ= − −  Eq. 7-8 
The targeting function is therefore defined and allows optimization with a minimum 
number of variables. The optimization follows the scheme presented in Figure 7-7. 
Mean of f(p) 
Number of peo le n
Struc ural cost c 
Fatalties per person k 
Sensitivity Tornado (Scenario 2) 




Figure 7-7 Flow chart of the optimization procedure 
7.3 Results of the Optimization 
The targeting function (Eq. 7-7) depends on a number of parameters. Most of the parame-
ters were quantified in the previous section. However, the parameter A that influences the 
benefit b(γw) must be estimated. In the following, the optimization will be conducted and 
the influence of the parameters will be analysed in order to determine the optimal reliabil-
ity for common masonry structures. 
The result of the optimization is an optimal value for the partial safety factor on the wind 
load γw which actually represents an optimal value of the failure probability, thus the re-
sults are not influenced by shear slenderness or level of axial load. However, the approx-
imate relationship between failure probability and γw must be known since the distribution 
of the benefit versus γw has to correspond to the distribution of the failure probability Pf. 
To obtain probabilities of failure on the safe side and since slender walls were shown to 
be more critical, the optimization is executed for walls with a shear slenderness of 
λv = 3.0. Another positive effect of this choice is that the distribution of the relationship of 
Pf and γw is similar for all three investigated materials in case of slender walls. Thus, the 
Design wall according to DIN 1053-1 for γw,min 
Determine probability of failure 
Determine λ(Pf(γw)), b(γw) 
Derive value of targeting function 




















Derive optimum of targeting function 
Change parameters and repeat 
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obtained results are also similar. A differentiation between the three materials and codes 
is unnecessary. 
As was shown previously, the boundaries of the parameter f(p) (see Table 2.6-3) sug-
gested by the JCSS (2001) for medium failure consequences represent common masonry 
buildings. These values will be used here (f(p) = {2.5; 3.5}). 
Generally, three parameters have an effect on the optimization results. The first one, the 
benefit-cost ratio, mirrors the payoff of the investment. Larger ratios will lead to smaller 
values of the optimized reliability because in case of large benefit, larger risk can be ac-
cepted and vice versa. 
The second influence is the impact of the consequences of enhanced reliability on the 
benefit, denoted as A, in terms of satisfied users and possible higher rents. Larger values 
of A lead to smaller values of the optimized reliability since benefit increases more signif-
icantly with larger probability of failure. However, this parameter is highly subjective and 
depends on the perception of the buyer. Large values of A correspond to greater perceived 
benefit in case of purchase/construction but also mean large disappointment in the other 
case. 
The third influence is the failure consequences accounted for by the factor f(p). Of course, 
high potential of large failure consequences will also lead to a large value of the target 
reliability. 
Table 7.3-1 Influences on the optimization results 
Influence Referred to as  
benefit-cost ratio  b0/C0 
factor representing the impact of higher reliability on the benefit A 
failure consequences f(p) 
The benefit-cost ratio depends on the location of the structure since the rent and the quali-
ty of furnishings and finishings are strongly influenced by the economic prosperity of a 
municipality. Three typical scenarios for Germany are defined in the following and used 
for assessment. These scenarios are supposed to represent an average rural, urban and 
high-class location of the structure. 
Table 7.3-2 Standard scenarios 
Scenario b0 C0 b0/C0 
rural 74 €/(m²!a) 1000 €/m² 0.074 
urban 108 €/(m²!a) 1200 €/m² 0.090 
high-class 142 €/(m²!a) 1400 €/m² 0.101 
In the following, the optimization results for rural, urban and high-class locations will be 
presented. The assessment is carried out for different values of A. In Figure 7-8 to Figure 
7-10, the targeting function is presented for f(p) = 2.5. It can be seen that larger values of 
A lead to smaller values of the optimal reliability. This is logical; greater benefit makes 
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greater risk acceptable. However, since large values of A not only represent a stronger 
gain in benefit for small values of γw but also a stronger reduction in benefit for large val-
ues of γw, the targeting function stays positive within a smaller range for larger values of 
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Figure 7-8 Influence of the parameter A for rural location (f(p) = 2.5) 
As expected, the optimal reliability is slightly smaller for urban (Figure 7-9) and high-
class (Figure 7-10) locations than for rural regions (Figure 7-8). Larger values of b0/C0 
give smaller values of the optimal reliability since the benefit is governing compared to 
the structural cost.  
The influence of the location of the structure is existent but not critical. The optimal relia-
bility index changes by less than 0.2 depending on the location. This can be accepted 
since it is in the region of the acceptable scatter of !. The influence of the parameter A is 
stronger; changes up to 0.5 are detected for a change in A of 25%. 
rural location 





A = 1.05 
A = 1.15 
A = 1.25 
γw,opt = 1.55 (! = 2.99) 
γw,opt = 1.61 (! = 3.18) 
γw,opt = 1.72 (! = 3.49) 
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Figure 7-10 Influence of the parameter A for high-class location (f(p) = 2.5) 
The influence of the failure consequences can be evaluated by varying f(p). As deter-
mined in the previous section, the scenario of a masonry building with large failure con-
sequences can be represented by f(p) ≈ 3.5. The corresponding optimization results are 
presented in Table 7.3-3. The results show only minor impact of the factor f(p) when the 
average failure scenario (f(p) = 2.5) changes to a scenario of higher risk (f(p) =3.5), (see 
Figure 7-11). Overall, the values derived for the target reliability lie within a range of 
! = 2.9 − 3.5 where the large values are only reached for very small values of A. With 
increasing A, the target reliabilities decrease and quickly reach values of 3.2 and below. 
However, the realistic value of A remains unknown. 
urban location 





A = 1.05 
A = 1.15 
A = 1.25 
γw,opt = 1.53 (! = 2.92) 
γw,opt = 1.57 (! = 3.05) 
γw,opt = 1.69 (! = 3.40) 
high-class 





A = 1.05 
A = 1.15 
A = 1.25 
γw,opt = 1.52 (! = 2.89) 
γw,opt = 1.56 (! = 3.02) 
γw,opt = 1.67 (! = 3.34) 
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Table 7.3-3 Summary of the obtained optimization results 
f(p) 
Rural Urban High-class 
!opt,ave A A A 
1.05 1.15 1.25 1.05 1.15 1.25 1.05 1.15 1.25 
2.5 3.49 3.18 2.99 3.40 3.05 2.92 3.34 3.02 2.89 3.14 
3.5 3.51 3.26 3.05 3.49 3.18 2.96 3.46 3.17 2.96 3.23 
An important aspect that has to be included in the estimation of A is that in today’s con-
struction the length of shear walls is often limited because of the width of the property. So 
the question arises as to whether a house can or cannot be built. Thus, change in benefit 
can be significant. In addition, the requirement of longer shear walls would lead to a 
smaller number of (larger) town houses and thus to higher prices and more expensive 
living. Therefore, the benefit to the renter is smaller, since longer shear walls will increase 
the rent in the long-term. Shorter shear walls can therefore additionally contribute to the 
benefit of the renter by reducing rent in the long run. Note, that this argumentation is only 
appropriate assuming acceptable reliability is still provided; the question is not whether 
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Figure 7-11 Comparison of the target functions for urban location and different values of f(p) 
7.4 Conclusion 
In the previous section, the economically optimal target reliability for typical masonry 
structures was determined. It was shown that the individual risk of a structure has a sig-
nificant influence on the reliability but the scope for common masonry structures is li-
mited. The optimisation results for different risks and scenarios are in the range of 
! = 2.9 − 3.5 and the average values for f(p) = 2.5 and f(p) = 3.5 are very close. Looking 
at the range of the results, the optimal target reliability of common masonry houses is 
urban 





γw,opt = 1.57 (! = 3.05) 
γw,opt = 1.62 (! = 3.18) 
f(p) =  2.5 
f(p) =  3.5 
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!opt,target = 3.2 with a deviation of ∆! = ±0.3. This, again, is nearly equal to the results ob-
tained for existing structures (“actual” level of reliability, see section 6.8.3 and Table 
6.9-1). One must conclude here that the current design codes in Germany lead to accepta-
bly reliable structures for the assumptions herein. Design according to DIN 1053-1 comes 
closer to the economic optimal value while DIN 1053-100 and DIN EN 1996-1-1/NA 
lead to more conservative design. The current partial safety factors do not require modifi-
cation. The target reliability of DIN EN 1990 (! = 3.8) proves to be overly conservative; 
the recommendation of JCSS (2001) represents the economic optimum. 
7.5 Summary 
In this chapter, a probabilistic optimization for typical masonry structures was executed. 
For this purpose, a targeting function including benefit derived from the structure, the 
structural cost and the failure consequences was determined. The targeting function was 
rearranged and modified so that only a small number of parameters were identified to be 
influencing the results. These parameters are the location of the structure (represented by 
the ratio of benefit-to-structural cost), the severity of the failure consequences and the 
parameter A that represents the impact of changes to enhance structural reliability on the 
benefit. The material, the level of axial load and the shear slenderness of the walls do not 
influence the results. 
By using collected data and engineering judgement, the contributions to the targeting 
function were quantified. Stochastic models were derived for the benefit and structural 
cost. The failure consequences, mostly governed by the costs to society to save lives 
(SLSC), were evaluated by assessment of three scenarios representing typical masonry 
buildings. The recommendations of JCSS (2001) for average failure consequences were 
verified by Monte Carlo simulation. 
The optimization yielded economically optimal reliabilities for typical masonry struc-
tures. The parameter A has a significant influence on the results, although it is difficult to 
estimate. A value of A = 1.15 seems reasonable and is recommended by the author. The 
recommended economic optimal target reliability is !t = 3.2 with an acceptable deviation 
of ∆! = ±0.3. 
It was found that the optimal reliabilities come very close to the actual provided reliabili-
ty. Therefore, it can be concluded that the design of common masonry structures in Ger-
man according to the design codes DIN 1053-1, DIN 1053-100 and DIN EN 1996-1-
1/NA provide sufficiently reliable structures with DIN 1053-1 almost equalling the eco-
nomic optimum. 
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8 SUMMARY AND OUTLOOK 
The goal of this thesis was the assessment of the reliability of URM shear walls, the veri-
fication of the target reliability provided by DIN EN 1990 and the scientific derivation of 
a justified target reliability. The study was prompted by the large variety of safety factors 
all over the world which were assumed to be based on different values for the target relia-
bility. In addition, reliability of masonry structures was mainly historically based on em-
pirical optimization; a scientific assessment of the reliability was necessary especially 
considering the recent developments in standardization. The safety concept was changed 
from the concept of global safety factors in DIN 1053-1 to the semi-probabilistic safety 
concept in DIN 1053-100 which led to a reduction in the shear capacities predicted by the 
codes. No structural failure initiated by failure of a shear wall where wind load is the go-
verning horizontal load has been reported in Germany. Thus, the question arose as to 
whether the old or new codes provide the more appropriate level of reliability and effi-
ciency.  
After the introduction and the outline of the study were presented in chapter 1, chapter 2 
provided the reader with the required basics of reliability analysis. The concept of proba-
bilistic analysis was explained and the methods of estimating stochastic moments were 
presented. The concept of reliability analysis and the corresponding methods for calcula-
tion of the failure probability were summarized. Additionally, the concept of probabilistic 
optimization based on the targeting function of Rosenblueth & Mendoza (1971) was ex-
plained and some recommendations for the target reliability were discussed. The concept 
of the Life Quality Index for the quantification of failure consequences due to loss of hu-
man life was briefly introduced. 
In chapter 3, the typical loads that act on masonry shear walls were analysed. These are 
dead load due to the self-weight of the structure, live load due to occupancy of the build-
ing and wind load. The general concept of distributions of extremes was explained. Dead 
load is essential to the shear capacity of masonry members. As axial load in general, it 
can act favourably and unfavourably to the load-carrying capacity of the wall. It also 
represents the largest contribution to the axial load; the typical ratio of dead-to-live load 
in masonry buildings is 70:30. The stochastic model for the dead load was derived from 
the contributions of walls and slabs. Modelling the live load is significantly more com-
plex than modelling the dead load due to the variability over time and location. Stochastic 
fields and processes must be applied. From there, the different contributions to the live 
load, the permanent and short-term load, were determined. For design purposes the point-
in-time live load is converted to the distribution of extremes for an observation period of 
50 years by using a Gumbel distribution to account for the time-dependence and to avoid 
time-variant probabilistic analyses using stochastic processes. In the next step, the wind 
load which is the relevant horizontal load for typical masonry shear walls was discussed. 
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The wind load strongly depends on the structure. Effects of resonance have to be taken 
into account, as well as the shape of the structure. Of course, the wind load also depends 
on the wind speed which is a function of many parameters, e.g. altitude or geographical 
location. The model presented by König & Hosser (1982) includes these aspects and 
makes it possible to derive a wind load acting on the structure. For the stochastic model-
ling of the wind load a Weibull distribution was chosen due to its upper limit. This makes 
sense; wind load is limited by a physical maximum. To derive the 50 year distribution of 
extremes, the stochastic shape parameter was determined from a database of wind mea-
surements for an observation period of 1 year. Then, a Monte Carlo simulation was con-
ducted and the distribution of the wind load was obtained. It was shown that the characte-
ristic values of the wind load according to DIN 1055-4 are within an acceptable range. In 
the last step, the model uncertainties for axial and shear load were defined according to 
JCSS (2003).  
In chapter 4, the basic knowledge about the load-carrying behaviour of URM walls was 
provided. First, the general load-carrying behaviour of URM walls subjected to axial load 
and in-plane shear was explained and the relevant material properties were mentioned. 
Unreinforced masonry walls exhibit complex load-carrying behaviour; various failure 
modes are possible depending on the geometry of the wall, the absolute value of stress 
and the masonry properties, among other influences. The corresponding material proper-
ties were explained and assessed. Typical test procedures were discussed and the values 
from design codes were analysed for each material property. The stochastic models were 
derived from test data and values available in the literature. To minimize the uncertainty 
due to the limited sample size, some properties were updated with prior information by 
use of Bayesian techniques. In such a way, appropriate stochastic models were derived for 
all required material properties. 
Chapter 5 introduces the reader to the methods of shear capacity prediction of masonry 
walls subjected to in-plane shear. The most common linear approaches were presented. 
The failure modes that are related to shear failure and the corresponding modelling were 
explained. Models based on plastic limit state analysis were also mentioned and briefly 
discussed but were not considered useful for the subject of this thesis. The models pre-
sented range from scientific models such as Mann & Müller (1973) and Jäger & Schöps 
(2004) to design models from various codes. The models were introduced and non-
dimensional design equations were provided. A large variety of prediction models for the 
shear capacity were provided and discussed. The selection consists of various models; 
German and international design models were part of the assessment as well as scientific 
models. The models were checked with test data in order to identify the most realistic 
model. The model of Mann & Müller and the model of DIN EN 1996-1-1/NA were found 
to match the test data most accurately in case of sliding shear and diagonal tension de-
pending on the unit material. For flexural failure, prediction on the basis of a fully-plastic 
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stress-strain relationship showed good agreement with the test data. Since the assessment 
of the tests was very uncertain due to the limited number of samples and other sources of 
uncertainty, a Bayesian update was again carried out applying prior information in terms 
of expert opinions. By performing the update, the stochastic properties of the prediction 
models were derived. However, the stochastic model for shear crushing had to be esti-
mated since test data is not available. For each unit material, the most appropriate model 
for failure prediction was chosen as the basis for the subsequent probabilistic reliability 
analysis. 
In chapter 6, the reliabilities provided by three design codes for common shear walls were 
assessed. Starting with an outline of the procedure, the required steps were explained. The 
limit state functions were provided in non-dimensional form for every failure mode. 
In general, it was found that the theoretical reliability of URM shear walls depended on 
the shear slenderness with slender walls being significantly more critical than squat walls. 
This is also characterized by the relation of eccentricity and reliability: large eccentricity 
means small reliability. In case of slender walls, the target values of JCSS (2001) and 
DIN EN 1990 were not reached within the practical range of axial stress. These findings 
are valid for the unit materials examined (CS, CB, AAC); lightweight concrete was not 
investigated due to insufficient test data. It was also found that a jump in reliability occurs 
when maximum axial load governs the design. The reason for this jump is the difference 
in the predicted failure modes according to the stochastic model in the reliability analysis 
and in the design model. 
Since the tensile strength of AAC units is significantly underestimated in DIN 1053-1 and 
DIN 1053-100, the design shear capacities in case of diagonal tension failure are very 
small. Thus, the values of the reliability of squat AAC walls are extraordinarily high for 
DIN 1053-1 and DIN 1053-100. This shortcoming was addressed in DIN EN 1996-1-
1/NA, for which the reliability is smaller when diagonal tension is relevant but still high. 
It was also shown that the model uncertainties were the dominating basic variables as 
long as minimum load governs. When maximum axial load governs (shear crushing and 
flexural failure under maximum load), model uncertainties lose their influence and only 
the masonry compressive strength and the axial load influence the results. Wind load was 
also found to be a relevant parameter but the influence was smaller than expected because 
of the small scatter in the Weibull distribution used. 
Due to the long history of application, the reliability of walls designed according to 
DIN 1053-1 can be seen as a minimum average value in common masonry construction. 
The theoretical values assuming full utilization of the cross-section for slender walls were 
determined to be ! ≈ 2.0 for CS walls, ! ≈ 2.1 for CB walls and ! = 2.9 for AAC walls. 
All values are valid for an observation period of 50 years. If the walls are designed ac-
cording to DIN 1053-100 or DIN EN 1996-1-1, greater reliability is provided due to more 
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appropriate application of the safety factors in the design. The minimum values for the 
slender walls were very similar for these two codes since the check against flexural fail-
ure is identical. Slender walls were most likely to fail in flexure. For CS walls the average 
reliability index for a slender wall with λv = 3.0 is ! ≈ 2.6, for CB ! = 2.9 and for AAC 
! = 3.2 when the wall is designed according to DIN 1053-100 or DIN EN 1996-1-1/NA. 
Again, these values are only valid for full utilization of the cross-section which is unlikely 
to occur for CS and CB walls due to the higher strength of the materials. 
Since masonry has historically exhibited sufficient reliability, the “actual” level of relia-
bility was determined by use of an example masonry house. The actual reliability was 
expected to be significantly greater than the previously obtained theoretical reliability due 
to taking into account the realistic utilisation which is believed to be smaller than 100%. 
Since the actual wind loads acting on a structure are equal and independent from the wall 
material, it is obvious that the high-strength materials CS and CB must be utilized to a 
lesser degree than AAC. The utilization of the bracing walls was determined and the re-
liability was calculated for the smaller levels of utilization. For the walls with the highest 
level of utilization reliabilities of ! ! 3.2 (CS), ! ! 3.1 (CB) and ! ! 3.0 (AAC) were de-
termined. 
To define a scientifically verified value for the target reliability especially for common 
masonry structures, a fully-probabilistic optimization was performed in chapter 7 for typ-
ical masonry building scenarios. For this purpose, a targeting function including benefit 
derived from the structure, the structural cost and the failure consequences was deter-
mined. The targeting function was rearranged and modified so that only a small number 
of parameters were identified to be influencing the results. These parameters were the 
location of the structure (represented by the ratio of benefit-to-structural cost), the severi-
ty of the failure consequences and the parameter A that represents the impact of changes 
to enhance structural reliability on the benefit. Since the optimization parameter is inde-
pendent from the material, it was unnecessary to differ between the unit materials. 
The contributions to the targeting function were quantified using data from the literature 
and engineering judgement. To classify the failure consequences, stochastic models were 
derived for benefit and structural cost and a Monte Carlo-simulation was conducted. It 
was found that the recommendations of JCSS (2001) for average failure consequences 
represent typical masonry structures very well. The failure consequences were classified 
as “medium” for typical masonry structures. 
In the optimisation, optimal reliabilities between ! = 2.9 and ! = 3.5 were obtained for the 
scenarios and parameter combinations assessed. From here, a recommendation for the 
target reliability was derived which is !t = 3.2 with an acceptable deviation of ∆! = ±0.3. 
This value agrees with the “actual” reliabilities determined and leads to the conclusion 
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that masonry structures designed according to the investigated codes are sufficiently safe. 
Design according to DIN 1053-1 comes very close to the economically optimal value. 
Future research should focus on the stress redistribution in masonry structures and the 
realistic determination of the load effects and realistic calculation of the utilization of the 
wall. There is great potential for further enhancement of the efficiency of masonry struc-
tures., The assessment of the realistic structural system is especially important in order to 
assess realistic levels of utilization. In addition, the test database should be expanded to 
improve the derived stochastic and deterministic design models for masonry properties 
and model uncertainties. The test procedures should include aspects of stochastic assess-
ment in the execution of the tests, e.g. a repeated determination of the cohesion before the 
shear tests are conducted. Lightweight concrete and concrete blocks should be the subject 
of a future study. A more detailed assessment of the failure consequences linked to struc-
tural failure of residential and office structures should be conducted to obtain benchmarks 
for the cost related to failure to derive a detailed database for fully-probabilistic assess-
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The following tables present the test data used in the assessment of the models in section 
5.6. Parameters that had to be estimated are marked by shaded cells. The failure modes in 
these tables have been identified from pictures and figures of the specimens after failure. 
For easier data management, the unit types are referred to as in the original source. 
 
Table A- 1 References and sources of test data 
Reference in the table Source 
D.J.&S. Jäger & Schöps (2004) 
Div.J&S. Jäger & Schöps (2005) 
DO.Lö. Löring (2005) 
Gun_FHL Gunkler et al. (2009) 
Höv. Höveling et al. (2005) 
KS.D7.1a Fehling & Stürz (2006a) 
KS.EAACA. Fehling & Stürz (2006b) 
MU.D7x. Schermer (2007) 
PV.Co. Costa (2007) 
PV.D7x. Magenes (2007) 
ZAG1. Bojsiljkov et al. (2004) 
ZAG3. Bojsiljkov & Tomazevic (2005) 
Table A- 2 Abbreviations 
Abbreviation Refers to 
FM Failure Mode 
DT Diagonal Tension 
F Flexure 
S Sliding Shear 





























l b t h b hor sp
mm mm mm N/mm² m m [-] mm [-] [-] [-] kN [-] kN [-] [-]
KS.D7.1a.16 KS-R 250 175 250 34.5 1.25 2.5 1 U 125 0.5 0.5 1 220 0.043 91 0.018 S 0.55 0.35 0.28 1.67 23.6
KS.D7.1a.17 KS-opti 250 175 250 21.5 1.25 2.5 1 U 125 0.5 0.5 1 220 0.067 86 0.026 S 0.55 0.35 0.28 1.49 15
MU.D7x.x KS-opti 250 175 250 21.5 2.5 2.5 0.5 U 125 0.5 0.5 1 280 0.043 154 0.023 S 0.55 0.35 0.28 1.49 15
PV.D7x.2 KS-opti 250 175 250 21.5 1.25 2.5 1 U 125 0.5 0.5 1 220 0.067 86 0.026 F 0.55 0.35 0.28 1.49 15
PV.D7x.3 KS-opti 250 175 250 21.5 1.25 2.5 1 U 125 0.5 0.5 1 110 0.034 49 0.015 S 0.55 0.35 0.28 1.49 15
PV.D7x.4 KS-opti 250 175 250 21.5 1.25 2.5 1 U 125 0.5 0.5 1 440 0.134 140 0.043 DT 0.55 0.35 0.28 1.49 15
PV.D7x.5 KS-opti 250 175 250 21.5 1.25 2.5 1 F 125 0.5 0.5 1 220 0.067 99 0.030 F 0.55 0.35 0.28 1.49 15
PV.D7x.6 KS-opti 250 175 250 21.5 1.25 2.5 2 U 125 0.5 0.5 1 220 0.067 45 0.014 F 0.55 0.35 0.28 1.49 15
PV.D7x.7 KS-opti 250 175 250 21.5 2.5 2.5 0.5 U 125 0.5 0.5 1 440 0.067 223 0.034 S 0.55 0.35 0.28 1.49 15
PV.D7x.8 KS-opti 250 175 250 21.5 2.5 2.5 1 U 125 0.5 0.5 1 440 0.067 168 0.026 DT 0.55 0.35 0.28 1.49 15
DO.Lö.V1 KS XL-RE 500 175 250 33.4 2.5 2.5 1 U 250 1.0 0.5 0.5 219 0.033 103 0.016 F 0.6 0.3 0.90 1.20 15
DO.Lö.V4 KS XL-RE 500 175 250 33.4 1.25 2.5 1 U 250 1.0 0.5 0.5 147 0.045 70 0.021 F 0.6 0.3 0.90 1.20 15
DO.Lö.V7 KS XL-RE 500 175 250 33.4 2.5 2.5 0.59 U 250 1.0 0.5 0.5 223 0.034 151 0.023 S 0.6 0.3 0.90 1.20 15
D.J&S.S1 KSLR (P) 250 240 250 12.2 2 2.5 0.63 U 125 0.5 0.5 1 845 0.241 220 0.063 DT 0.35 0.29 0.67 1.12 7.3
Gun_FHL_01 Element 998 175 498 32.1 2.5 2.5 0.5 U 99.6 0.2 0.1 0.5 219 0.024 140.1 0.016 DT 0.6 0.72 1.78 20.6
Gun_FHL_02 Element 998 175 498 32.1 2.5 2.5 0.5 U 199 0.4 0.2 0.5 219 0.024 111.2 0.012 DT 0.6 0.72 1.78 20.6
Gun_FHL_04 Element 998 175 498 32.1 2.5 2.5 1 U 249 0.5 0.25 0.5 219 0.024 89.4 0.010 F 0.6 0.72 1.78 20.6
Gun_FHL_05 Element 998 175 498 32.1 1.25 2.5 0.5 U 99.6 0.2 0.1 0.5 109 0.024 44.2 0.010 DT 0.6 0.72 1.78 20.6
Gun_FHL_07 Element 998 175 498 32.1 1.25 2.5 0.5 U 249 0.5 0.25 0.5 219 0.049 80.5 0.018 DT 0.6 0.72 1.78 20.6
Gun_FHL_08 Element 998 175 498 32.1 1.25 2.5 1 U 99.6 0.2 0.1 0.5 109 0.024 24 0.005 F 0.6 0.72 1.78 20.6
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l b t h b hor sp
mm mm mm N/mm² m m [-] mm [-] [-] [-] kN [-] kN [-] [-]
KS.D7.1a.1 HLz-conv. 365 175 250 19.3 M5 2.2 2.5 0.57 U 183 0.73 0.5 0.68 380 0.147 160 0.062 DT 0.6 0.24 0.24 0.21 1 6.7
KS.D7.1a.2 HLz-conv. 365 175 250 19.3 TLM 2.2 2.5 0.57 U 183 0.73 0.5 0.68 380 0.147 140 0.054 DT 0.68 0.24 0.24 0.21 1 6.7
KS.D7.1a.3 HLz-conv. 365 175 250 19.3 M5 2.2 2.5 0.57 U 183 0.73 0.5 0.68 380 0.147 118 0.046 DT 0.6 0.24 0.24 0.21 1 6.7
KS.D7.1a.4 HLz-conv. 365 175 250 19.3 TLM 2.2 2.5 0.57 U 183 0.73 0.5 0.68 380 0.147 147 0.057 DT 0.68 0.24 0.24 0.21 1 6.7
KS.D7.1a.5 HLz-opti 365 175 250 14.1 TLM 2.2 2.5 0.57 U 183 0.73 0.5 0.68 380 0.147 120 0.047 DT 0.68 0.24 0.24 0.28 0 6.7
KS.D7.1a.6 HLz-opti 365 175 250 14.1 M5 2.2 2.5 0.57 U 183 0.73 0.5 0.68 380 0.147 149 0.058 DT 0.6 0.24 0.24 0.28 0 6.7
KS.D7.1a.7 HLz-opti 365 175 250 14.1 TLM 1.1 2.5 1.14 U 183 0.73 0.5 0.68 190 0.147 60 0.047 F 0.68 0.24 0.24 0.28 0 6.7
KS.D7.1a.8 HLz-opti 365 175 250 14.1 M5 1.1 2.5 1.14 U 183 0.73 0.5 0.68 190 0.147 56 0.043 DT 0.6 0.24 0.24 0.28 0 6.7
KS.D7.1a.9 HLz-opti 365 175 250 14.1 TLM 2.2 2.5 0.57 U 183 0.73 0.5 0.68 95 0.037 72 0.028 S 0.68 0.24 0.24 0.28 0 6.7
KS.D7.1a.10 HLz-opti2 365 175 250 16.9 TLM 2.2 2.5 0.57 U 183 0.73 0.5 0.68 380 0.147 150 0.058 DT 0.68 0.24 0.24 0.17 1 6.7
KS.D7.1a.11 HLz-opti2 365 175 250 16.9 M5 2.2 2.5 0.57 U 183 0.73 0.5 0.68 380 0.147 162 0.063 DT 0.6 0.24 0.24 0.17 1 6.7
KS.D7.1a.12 HLz-opti2 365 175 250 16.9 TLM 1.1 2.5 1.17 U 183 0.73 0.5 0.68 190 0.147 70 0.054 F 0.68 0.24 0.24 0.17 1 6.7
KS.D7.1a.13 HLz-opti2 365 175 250 16.9 TLM 1.1 2.5 1.17 U 183 0.73 0.5 0.68 95 0.074 43 0.033 F 0.68 0.24 0.24 0.17 1 6.7
KS.D7.1a.14 HLz-opti2 365 175 250 16.9 TLM 1.1 2.5 1.17 U 183 0.73 0.5 0.68 48 0.037 25 0.019 F 0.68 0.24 0.24 0.17 1 6.7
KS.D7.1a.15 HLz-opti2 365 175 250 16.9 TLM 2.2 2.5 0.57 U 183 0.73 0.5 0.68 95 0.037 75 0.029 S 0.68 0.24 0.24 0.17 1 6.7
DO.Lö.V6 HLz 500 175 250 17.3 MG IIa 1.25 2.5 1.02 U 250 1 0.5 0.5 121 0.099 55 0.045 F 0.6 0.48 0.2 0.4 1 5.6
DO.Lö.V8 HLz 500 175 250 17.3 MG IIa 2.5 2.5 0.62 U 250 1 0.5 0.5 222 0.091 133 0.054 DT 0.6 0.48 0.2 0.4 1 5.6
DO.Lö.V11 HLz 500 175 250 17.3 MG IIa 2.5 2.5 1 U 250 1 0.5 0.5 223 0.091 100 0.041 F 0.6 0.48 0.2 0.4 1 5.6
ZAG3.BNW1 HLz 250 300 250 11.5 M5 2.5 1.9 0.76 F 125 0.5 0.5 1 442 0.144 285 0.093 DT 0.6 0.24 0.4 0.75 1 4.1
ZAG3.BNW2 HLz 250 300 250 11.5 M6 2.5 1.9 0.76 F 125 0.5 0.5 1 893 0.29 467 0.152 F 0.6 0.24 0.4 0.75 1 4.1
ZAG3.BNW3 HLz 250 300 250 11.5 M7 2.5 1.9 0.76 F 125 0.5 0.5 1 667 0.217 385 0.125 F 0.6 0.24 0.4 0.75 1 4.1
ZAG3.BSW HLz 300 175 200 27.3 M15 2.7 2 0.72 F 150 0.75 0.5 0.67 950 0.214 417 0.094 0.6 0.24 0.4 1 1 9.4
ZAG3.BZW1 HLz 250 300 250 12.3 M5 2.5 1.9 0.76 U 125 0.5 0.5 1 713 0.221 352 0.109 F 0.6 0.24 0.4 0.75 1 4.3
ZAG3.BZW2 HLz 250 300 250 12.3 LM5 2.5 1.9 0.76 U 125 0.5 0.5 1 398 0.221 243 0.135 S 0.68 0.24 0.3 0.75 1 2.4











Specimen Test results Material properties


























l b t h b hor sp
mm mm mm N/mm² m m [-] mm [-] [-] [-] kN [-] kN [-] [-]
ZAG1.BNL.1 HLz 245 300 250 10 M5 1.03 1.5 1.46 F 123 0.49 0.5 1.02 184 0.145 55 0.043 F 0.6 0.48 0.5 0.3 1 4.1
ZAG1.BNL.2 HLz 245 300 250 10 M5 1.03 1.5 1.46 F 123 0.49 0.5 1.02 368 0.29 99 0.078 DT 0.6 0.48 0.5 0.3 1 4.1
ZAG1.BNL.3 HLz 245 300 250 10 M5 1.03 1.5 1.45 F 123 0.49 0.5 1.02 184 0.145 56 0.044 F 0.6 0.48 0.5 0.3 1 4.1
ZAG1.BNL.4 HLz 245 300 250 10 M5 1.03 1.5 1.46 F 123 0.49 0.5 1.02 368 0.29 112 0.088 DT 0.6 0.48 0.5 0.3 1 4.1
ZAG1.BNL.5 HLz 245 300 250 10 M5 1.03 1.5 1.46 F 123 0.49 0.5 1.02 368 0.29 109 0.086 DT 0.6 0.48 0.5 0.3 1 4.1
ZAG1.BNL.6 HLz 245 300 250 10 M5 1.03 1.5 1.46 F 123 0.49 0.5 1.02 184 0.145 66 0.052 DT 0.6 0.48 0.5 0.3 1 4.1
ZAG1.BGL.1 HLz 245 300 250 10 M5 0.99 1.5 1.52 U 123 0.49 0.5 1.02 353 0.276 102 0.08 DT 0.6 0.48 0.5 0.3 1 4.3
ZAG1.BGL.2 HLz 245 300 250 10 M5 0.99 1.5 1.52 U 123 0.49 0.5 1.02 353 0.276 103 0.081 DT 0.6 0.48 0.5 0.3 1 4.3
ZAG1.BGL.3 HLz 245 300 250 10 M5 0.99 1.5 1.52 U 123 0.49 0.5 1.02 353 0.276 94 0.074 DT 0.6 0.48 0.5 0.3 1 4.3
ZAG1.BPL.1 HLz 245 300 250 11.9 M5 0.99 1.5 1.52 F 123 0.49 0.5 1.02 353 0.189 106 0.057 DT 0.6 0.48 0.5 0.36 1 6.3
ZAG1.BPL.2 HLz 245 300 250 11.9 M5 0.99 1.5 1.52 F 123 0.49 0.5 1.02 353 0.189 110 0.059 DT 0.6 0.48 0.5 0.36 1 6.3
ZAG1.BPL.3 HLz 245 300 250 11.9 M5 0.99 1.5 1.52 F 123 0.49 0.5 1.02 353 0.189 111 0.059 DT 0.6 0.48 0.5 0.36 1 6.3
ZAG1.BZL.1 HLz 243 300 250 15.1 M5 0.99 1.5 1.52 U 122 0.49 0.5 1.03 353 0.192 100 0.054 F 0.6 0.48 0.5 0.45 1 6.2
ZAG1.BZL.2 HLz 243 300 250 15.1 M5 0.99 1.5 1.52 U 122 0.49 0.5 1.03 353 0.192 104 0.056 F 0.6 0.48 0.5 0.45 1 6.2
ZAG1.BZL.3 HLz 243 300 250 15.1 M5 0.99 1.5 1.52 U 122 0.49 0.5 1.03 353 0.192 102 0.055 F 0.6 0.48 0.5 0.45 1 6.2
ZAG1.BML.1 HLz 245 300 250 8.6 TLM 0.99 1.5 1.51 U 123 0.49 0.5 1.02 353 0.154 114 0.05 F 0.6 0.19 0.63 0.26 1 7.7
ZAG1.BML.2 HLz 245 300 250 8.6 TLM 0.99 1.5 1.52 U 123 0.49 0.5 1.02 536 0.234 155 0.068 F 0.6 0.19 0.63 0.26 1 7.7
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l b t h b hor sp
mm mm mm N/mm² m m [-] mm [-] [-] [-] kN [-] kN [-]
KS.EAACA.1 PP 500 175 250 4.2 2.5 2.5 0.5 U 250 1 0.5 0.5 240 0.211 90 0.079 DT 0.6 0.3 0.28 0.5 2.6
KS.EAACA.2 PP 500 175 250 4.2 2.5 2.5 0.5 U 250 1 0.5 0.5 480 0.422 103 0.091 DT 0.6 0.3 0.28 0.5 2.6
KS.EAACA.3 PP 500 175 250 4.2 2.5 2.5 0.5 U 250 1 0.5 0.5 96 0.084 58 0.051 DT 0.6 0.3 0.28 0.5 2.6
KS.EAACA.4 PP 500 175 250 4.2 2.5 2.5 0.5 U 100 0.4 0.2 0.5 240 0.211 113 0.099 DT 0.6 0.3 0.28 0.5 2.6
KS.EAACA.5 PP 500 175 250 4.2 2.5 2.5 0.5 U 100 0.4 0.2 0.5 96 0.084 67 0.059 DT 0.6 0.3 0.28 0.5 2.6
KS.EAACA.6 PP 500 175 250 4.2 1.5 2.5 0.83 U 250 1 0.5 0.5 144 0.211 47 0.069 DT 0.6 0.3 0.28 0.5 2.6
KS.EAACA.8 PP 500 175 250 4.2 2.5 2.5 0.5 U 250 1 0.5 0.5 240 0.211 98 0.086 DT 0.6 0.3 0.28 0.5 2.6
KS.EAACA.9 PP 500 175 250 4.2 2.5 2.5 0.5 F 250 1 0.5 0.5 240 0.211 120 0.105 DT 0.6 0.3 0.28 0.5 2.6
DO.Lö.V3 PP 500 300 250 3 1.25 2.5 1 U 250 1 0.5 0.5 120 0.139 47 0.054 F 0.6 0.28 0.28 0.13 2.3
DO.Lö.V10 PP 500 300 250 3 2.5 2.5 0.57 U 250 1 0.5 0.5 223 0.129 111 0.064 S 0.6 0.28 0.28 0.13 2.3
PV.Co.1 PP 625 300 250 3.3 1.48 2.8 1.86 U 220 0.88 0.35 0.4 300 0.282 68 0.064 F 0.66 0.3 0.23 0.85 2.4
PV.Co.2 PP 625 300 250 3.3 3.13 2.8 0.88 U 313 1.25 0.5 0.4 300 0.133 138 0.061 F 0.66 0.3 0.23 0.85 2.4
PV.Co.3 PP 625 300 250 3.3 4.38 2.8 0.63 U 313 1.25 0.5 0.4 300 0.095 200 0.063 S 0.66 0.3 0.23 0.85 2.4
PV.Co.4 PP 625 300 250 3.3 1.48 2.8 1.86 U 220 0.88 0.35 0.4 200 0.188 48 0.045 F 0.66 0.3 0.23 0.85 2.4
Div.J&S.33.3 PPW 500 240 250 2.5 2.5 2.5 0.5 U 250 1 0.5 0.5 125 0.063 83 0.042 DT 0.6 0.28 1 0.51 3.3
Div.J&S.33.5 PPW 500 240 250 2.6 2.5 2.5 0.5 U 100 0.4 0.2 0.5 131 0.066 84 0.042 DT 0.6 0.28 1 0.52 3.3
Div.J&S.33.2 PPW 500 240 250 2.5 2.5 2.5 0.5 U 250 1 0.5 0.5 243 0.123 103 0.052 DT 0.6 0.28 1 0.51 3.3
Div.J&S.33.4 PPW 500 240 250 2.8 2.5 2.5 0.5 U 250 1 0.5 0.5 441 0.223 139 0.07 DT 0.6 0.28 1 0.57 3.3
Div.J&S.33.6 PPW 500 240 250 2.6 2.5 2.5 0.5 U 100 0.4 0.2 0.5 240 0.121 164 0.083 DT 0.6 0.28 1 0.52 3.3
Div.J&S.34.3 PPW 500 240 250 5.1 2.5 2.5 0.5 U 250 1 0.5 0.5 135 0.068 105 0.053 DT 0.6 0.28 1 0.66 3.3
Div.J&S.34.5 PPW 500 240 250 4.6 2.5 2.5 0.5 U 100 0.4 0.2 0.5 240 0.121 148 0.075 DT 0.6 0.28 1 0.6 3.3
Div.J&S.34.4 PPW 500 240 250 5.1 2.5 2.5 0.5 U 250 1 0.5 0.5 450 0.227 184 0.093 DT 0.6 0.28 1 0.66 3.3
Div.J&S.34.1 PPW 500 240 250 5.2 2.5 2.5 0.5 U 250 1 0.5 0.5 735 0.371 202 0.102 DT 0.6 0.28 1 0.68 3.3
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mm mm mm N/mm² m m [-] mm [-] [-] [-] kN [-] kN [-]
Div.J&S.34.8 PPW 500 240 250 5.1 2.5 2.5 0.5 F 100 0.4 0.2 0.5 793 0.401 273 0.138 DT 0.6 0.28 1 0.66 3.3
Div.J&S.40.1 PPW 625 240 250 5 2.5 2.5 0.5 U 311 1.25 0.5 0.4 330 0.167 155 0.078 DT 0.6 0.28 1 0.65 3.3
Div.J&S.50.1 PPW 600 250 250 4.7 3.4 2.3 0.66 F 300 1.2 0.5 0.42 200 0.071 145 0.052 F 0.6 0.75 0.55 0.67 3.3
Div.J&S.50.2 PPW 600 250 250 4.7 3.4 2.3 0.66 F 300 1.2 0.5 0.42 200 0.071 115 0.041 DT 0.6 0.75 0.52 0.56 3.3
Div.J&S.50.3 PPW 600 250 250 5.1 3.4 2.3 0.66 F 300 1.2 0.5 0.42 200 0.071 128 0.046 S 0.6 0.75 0.53 0.65 3.3
Div.J&S.70.1 PP 625 240 250 5 1.25 2.5 1 F 313 1.25 0.5 0.4 330 0.355 113 0.122 F 0.6 0.28 1 0.65 3.1
Div.J&S.70.2 PP 625 240 250 5 1.25 2.5 1 F 313 1.25 0.5 0.4 330 0.355 112 0.12 F 0.6 0.28 1 0.65 3.1
Höv_6 PP2 500 240 249 3.1 2.5 2.5 0.5 F 100 0.4 0.2 0.5 270 0.147 131.1 0.071 DT 0.6 0.22 0.58 0.37 3.1
Höv_7 PP2 500 240 249 3.1 2.5 2.5 0.5 U 100 0.4 0.2 0.5 270 0.147 102.5 0.056 DT 0.6 0.22 1.35 0.37 3.1
Höv_8 PP4 499 240 249 5.2 2.5 2.5 0.5 U 100 0.4 0.2 0.5 495 0.17 180.2 0.062 DT 0.6 0.54 1.35 0.62 4.9
Höv_9 PP4 499 240 249 5.2 2.5 2.5 0.5 F 100 0.4 0.2 0.5 495 0.17 220.1 0.075 DT 0.6 0.54 1.35 0.62 4.9
Höv_10 PP4 499 240 249 5.2 2.5 2.5 0.5 U 100 0.4 0.2 0.5 660 0.226 203 0.07 DT 0.6 0.54 1.35 0.62 4.9
Höv_11 PP4 499 240 249 5.2 2.5 2.5 0.5 F 100 0.4 0.2 0.5 660 0.226 220.9 0.076 DT 0.6 0.54 1.35 0.62 4.9
Höv_12 PP2 500 240 249 3.1 2.5 2.5 0.5 U 100 0.4 0.2 0.5 360 0.196 126.6 0.069 DT 0.6 0.22 0.58 0.37 3.1
Höv_13 PP2 500 240 249 3.1 2.5 2.5 0.5 F 100 0.4 0.2 0.5 360 0.196 159.8 0.087 DT 0.6 0.22 0.58 0.37 3.1
Höv_15 PP4 499 240 249 5.2 2.5 2.5 0.5 U 100 0.4 0.2 0.5 330 0.113 185.8 0.064 DT 0.6 0.54 1.35 0.62 4.9
Höv_16 PPE4 624 236 624 4.4 2.5 2.5 0.5 F 125 0.2 0.2 1 495 0.192 189.2 0.073 DT 0.6 0.53 1.35 0.62 4.4
Höv_17 PPE4 624 236 624 4.4 2.5 2.5 0.5 U 125 0.2 0.2 1 330 0.128 169.3 0.066 DT 0.6 0.53 1.35 0.62 4.4
Höv_19 PP2 500 240 249 3.1 2.5 2.5 0.5 U 50 0.2 0.1 0.5 126 0.068 76.1 0.041 DT 0.6 0.22 0.58 0.37 3.1
Höv_20 PP4 499 240 249 5.2 2.5 2.5 0.5 F 50 0.2 0.1 0.5 660 0.226 242.1 0.083 DT 0.6 0.54 1.35 0.62 4.9
Höv_21 PPE4 624 236 624 4.4 2.5 2.5 0.5 F 125 0.2 0.2 1 660 0.256 210.1 0.082 DT 0.6 0.53 1.35 0.62 4.4
Höv_22 PPE4 624 236 624 4.4 2.5 2.5 0.5 U 125 0.2 0.2 1 660 0.256 178 0.069 DT 0.6 0.53 1.35 0.62 4.4
Höv_24 PPE4 624 236 624 4.4 2.5 2.5 0.5 U 125 0.2 0.2 1 231 0.09 116.5 0.045 DT 0.6 0.53 1.35 0.62 4.4
Höv_25 PP4 499 240 249 5.2 2.5 2.5 0.5 U 50 0.2 0.1 0.5 825 0.283 210.4 0.072 DT 0.6 0.54 1.35 0.62 4.9
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Unreinforced Masonry Bracing Walls 
 
Bracing walls are essential members in typical masonry structures. 
However, design checks are only performed rarely in Germany. The 
reason for this is a paragraph in the German design code  
DIN 1053-1 that allows for the neglection of this design check. This 
paragraph is based on different construction methods than they are 
the current state of the art. Additionally, the capacities according to 
current design codes have been calibrated on basis of previous de-
sign codes and experience. Consequently, the provided level of re-
liability remains unknown. 
In this paper, a systematic analysis of the provided level of reliability 
is conducted. Analytical models for the prediction of the shear capa-
city of the walls are analyzed and assessed with test data to identify 
the most realistic model. A complete stochastic model is set up and 
the reliability of typical bracing walls is determined. It is differed bet-
ween the theoretical level of reliability and the “actual” level of relia-
bility taking into account the realistic utilization of the walls. 
Finally, an optimal target value for the reliability is derived by full-
probabilistic optimization to be able to assess the previously deter-
mined provided reliabilities. An efficient use of masonry in the de-
sign according to DIN 1053-1 can be verified. 
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